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ABSTRACT 

This paper is focused on economic cycle on the labor market in the entire national economy 
of the Czech Republic and in particular in the construction industry of Czechia. Authors use 
indicators of price level development. Analysis applies methods of the Hodrick–Prescott filter, 
Kalman filter and Stochastic trend to improve the informative value and credibility of reached 
conclusions. Phases of economic cycle on the labor market can be verified by comparison with the 
actual development of unemployment and gross domestic product. Special attention is given to 
unstable periods on the labor market, and we focus on determining reasons for their existence, 
their duration and manifestation.  

The analysis revealed negative gaps in the period of economic transformation but there 
were periods with positive unemployment gaps in the years 2007 and 2008 too.  

We used the development in the last period to predict the development in the near future. 
This ad hoc estimate is compared with model estimate made on an extended time series up to the 
end of the year 2018. 

KEYWORDS 
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INTRODUCTION 

Aim of this paper is to measure the economic cycle on the labor market with the use of 
price indicator an HP filter (Hodrick-Prescott filter), Kalman filter and Stochastic trend method. 
Phases of economic cycle reached by said methods are then verified in the paper by comparing 
them with the development of actual unemployment rate and added value with the delay being two 
or three quarters. Researched periods are the periods of economic transformation, period of 
significant positive unemployment gaps in the years 2007 and 2008, period of the last recession 
and the following period of boom. Ad hoc prediction was then compared with the model estimate, 
which was made on an extended time series up to the end of the year 2018. Paper is divided into 
several chapters. First part shows methods leading to the estimation of NAIRU. In the second part, 
an analysis of the predicted development of an economic cycle in the conditions of the entire 
national economy and in the construction, industry is made. This includes a prediction of said 
development in the near future.  Last part of the paper offers a summary of the results of the 
analysis.  

mailto:ekonomka_2@hotmail.com
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OVERVIEW OF METHODS 

     To examine the economic cycle, we used the NAIRU value defined by J. Tobin [1]. A. G. 
Akerlof, T.W. Dickens and L. G. Perry [2] also helped the spread of this concept. To estimate it, it is 
necessary to apply econometric models and methods, because it is an unobservable variable.  

 In this paper, we use the following methods: 

HP filter - these methods divide the unemployment rate into a trend (NAIRU) and a cyclical part. 
The downside of this method is that is often based on random and in many cases improbable 
assumptions, mainly cantered around the NAIRU smoothing value coefficient. Among other 
authors applying this method were also P. Richardson et al. [3] and M. Hájek and V. Bezděk [4]. 

Kalman filter a Stochastic trend estimate variable NAIRU in every moment of the studied period. 
In the case of Kalman filter, behavioural equations explaining inflation are used to properly 
estimate NAIRU. NAIRU is specified as a random walk in reaction to shocks. Main disadvantage of 
this method is its inability to identify basic structural relationships. This method was used by 
authors such as S. Fabiani and R. Mestre [5] and L. Boone [6]. 

Stochastic trend is a method used with the aim to improve the explanatory power and credibility 
of a NAIRU estimate. S. Fabiani a R. Mestre [7] claim, that NAIRU follows the process of a random 
walk, but extended by variable stochastic shift (so-called local linear trend). 

     We then compare our estimated NAIRU values with the actual development of an 
unemployment rate, by which we get positive or negative values of an unemployment gaps. These 
are used as an alternative way of determining the phases of the economic cycle, because quarterly 
changes of GDP are one of the main ways as how to measure a cycle.  

     To estimate the development of the entire national economy we use consumer price index, 
and we use a construction work price index in the construction industry Time series of consumer 
price index and construction work price index are then transformed in a way to be able to formulate 
adaptive formation of expectations (annual change in time t – annual change in time t-1). For a 
description of a development on a labour market, we use registered unemployment rate given by 
Ministry of Labour and Social Affairs of CR and specific unemployment rate in a construction 
industry, which we had to calculate ourselves, because of lack of any officially published statistics 
[8]. Among other explanatory variables are annual changes of exchange rates and import prices. 
Unemployment rates for each season were cleaned by moving multiplicative average. All-time 
series used passed the ADF test [9], and their stationary was confirmed. Time series were also 
cleaned using Census X12 method [9]. To choose the best suited model to approximate the 
analysed data in a case of Kalman´s filter and method of Stochastic trend, cleaned R2 was used. 
For the testing of the normality of residues, the Jarque-Bera test was used [9]. For testing the auto 
correlation of residues, the Breusch-Godfrey test was used [9]. For testing the heteroscedasticity of 
residues, the Wald test was used [9]. For measuring the bearing capacity of multicollinearity, the 
Variable inflation factor was used [9]. Time series covered the period between 1st quarter of 1994 
and 4th quarter of 2012. Due to frequency of used time series being quarterly, smoothing 
parameter with a value of 1600 was used during an analysis using a method of HP filter. This value 
of smoothing is internationally recognized.  

COMPARATION OF ESTIMATE OF DEVELOPMENT OF ECONOMIC CYCLE ON THE 
LABOUR MARKET WITH THE ACTUAL DEVELOPMENT  

     Whole period is divided into a 1995 to 2012 subperiod and another subperiod after year 
2012 to the end of the year 2018. 
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Comparison of model values and an actual development between the 1995 and 2012 

Fig. 1 - Development of unemployment gap in national economy according to HP filter and in the 
construction industry in Czechia (Source: Own calculations based on data by Ministry of Labour 

and Social Affairs and Czech Statistical Office) 

     Model phase of recession (4th quarter of 1998 to 1st quarter of 2001) on the labour 
market was consistent with the annual unemployment rate rise (+1,1 p.p.). Positive gaps (approx. 
5,0 p.p., see Figure 1 were identified in the period form 4th quarter of 2006 to the 1st quarter of 
2009. Model did not take into an account the decline of situation on a labour market when showing 
NAIRU values. The phase of boom overlapped with the rise of GDP, which was on average 4,3 %. 
According to this method, effect of the last recession on labour market manifested itself in the 
period between 2nd quarter of 2009 and 1st quarter of 2011 and with the exception of the last two 
quarter was consistent with the actual development of national economy. In the period between 
2nd and 4th quarter of 2011, a phase of boom with the positive unemployment gap of 0,2p.p. 
appeared. Phase of recession followed in the 1st quarter of 2012 (unemployment rate declined 
annually by 0,4 p.p. and GDP by only 0,1 %) and also in the 4th quarter of 2012 (GDP fell by 1,3 
%). Gradual decline of positive unemployment gap in the last quarter of 2012 while maintaining the 
fall in GDP (-1,6 %) and rise in unemployment rate to 8,9 % indicates continuation of a phase of 
recession. In the construction industry, the start of transformation can be found in 1st quarter of 
1996 (3 full quarters later than in the industry) and ends at same time as in the industry (4th 
quarter of 1998). Model development is consistent with the annual decline of added value (by 5,4 
%) and with the acceleration of the specific unemployment rate to the value of 6,4 %.  Positive 
gaps amounting to 1,0 p.p. were observed between the 4th quarter of 2006 and 4th quarter of 
2008. Beginning of this period is one quarter behind the industry, the end of this period, however, 
overlaps. The model phase of boom on a labour market is consistent with the development of the 
actual economy (added value rose by 3,9 % and specific rate of unemployment fell annually by 0,9 
p.p.). The effect for the last recession on a labour market manifested itself from the 1st quarter of
2009 to the 2nd quarter of 2011. The start was in the same quarter as it was in the industry, but the
end of the recession was the full one quarter later than in the construction business. Specific
unemployment rate in the observed period rose annually by 1,2 p.p. and added value rose only by
0,4 %. Phase of boom in the period between 3rd quarter of 2011 and 2nd quarter of 2012 is
consistent with the one observed in the industry. Average positive gap amounting to 0,3 p.p. was
consistent with the development of the specific unemployment rate (annual fall by 0,4 p.p.), but it
wasn’t consistent with the fall of the added value (annual fall by 5,0 %). Slight decrease of the
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negative unemployment gap in the last quarter of 2012 (from +0,19 to +0,17) and a frequent 
changing of the phases since the 2nd quarter of 2011 showed a great probability of a positive gap 
in the 2nd half of 2013.   

Comparison of model values and the actual development from 2012 to 2018 

     In this part, the development of the economic cycle in the national economy and in 
selected industries is observed in the period between the 1st quarter of 2013 and 4th quarter of 
2018. For describing the development on the labour market, we are still using the registered 
unemployment rate provided by Ministry of Labour and Social Affairs. This time series can be used 
after 2013 only because the fact, that the data published for 2012 are using both the new and old 
methodology, which allows us to calculate a conversion coefficient. Additional estimate allowed us 
to confirm anticipated in our estimates after extending the time series with new observations. 
Furthermore, it allowed to verifying predictions, which we made from the trends in the development 
of data from the end of the 2012 for the near future, the year 2013. Development of the cycle to the 
4th quarter of 2018 is also shown, including the prediction for a year 2019.  

Tab. 1 - Impact of extending the time series on a prior estimate of NAIRU and gap in national 
economy and in chosen industries in Czechia - in p.p. (Source: Own calculation based on data 

provided by Ministry of Labour and Social Affairs and Czech Statistical Office) 

Period NAIRU_NE NAIRU_Construction Gap_NE Gap_Construction

 1/06 0,0 0,0 0,0 0,0

2 0,0 0,0 0,0 0,0

3 0,0 0,0 0,0 0,0

4 0,0 0,0 0,0 0,0

 1/07 0,0 0,1 0,0 -0,1

2 0,0 0,1 0,0 -0,1

3 0,0 0,1 0,0 -0,1

4 0,0 0,1 0,0 -0,1

 1/08 0,1 0,1 -0,1 -0,1

2 0,1 0,1 -0,1 -0,1

3 0,1 0,1 -0,1 -0,1

4 0,1 0,2 -0,1 -0,2

 1/09 0,1 0,2 -0,1 -0,2

2 0,2 0,2 -0,2 -0,2

3 0,2 0,2 -0,2 -0,2

4 0,2 0,2 -0,2 -0,2

 1/10 0,2 0,2 -0,2 -0,2

2 0,2 0,2 -0,2 -0,2

3 0,3 0,2 -0,3 -0,2

4 0,3 0,2 -0,3 -0,2

 1/11 0,3 0,2 -0,3 -0,2

2 0,3 0,1 -0,3 -0,1

3 0,3 0,1 -0,3 -0,1

4 0,3 0,1 -0,3 -0,1

 1/12 0,3 0,0 -0,3 0.0

2 0,3 -0,1 -0,3 0.1

3 0,3 -0,2 -0,3 0.2

4 0,3 -0,3 -0,3 0.3
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     From the comparison of estimate of NAIRU gained by using HP filter and an 
unemployment rate gap for the entire national economy we can see, that extending the time series 
by years 2013 to 2018 impacted the previously estimated values with the rising intensity of NAIRU 
in the national economy. While between the years 1994 and 2006 no changes in NAIRU and gap 
were mapped (see Table 1), in the period from 1st quarter of 2007 to the 3rd quarter of 2008, the 
difference ranges from 0,0 to 0,1 p.p., in the period from the 4th quarter of 2008 to the 3rd quarter 
of 2010, the differences are already ranging from 0,1 to 0,2 p.p, in the period from the 4th quarter 
of 2010 to the 2nd quarter of 2012, the interval is from the 0,0 to 0,3 p.p, in the 3rd quarter of 2012 
the difference is between 0,2 and 0,4 and in the 4th quarter of 2012, the values were between 0,2 
and 0,5 p.p.  

     Quality of ad hoc prediction for year 2013 from the alternative methods (such as Kalman 
filter and Stochastic trend), which allows us more complex assessment of phases of economic 
cycle can be seen in Table 2.  

Tab. 2 - Comparison of ad hoc unemployment gap prediction for the year 2013 and its 
development after time series extension to the year 2018 - in p.p. (Source: Own calculation based 
on data provided by Ministry of Labour and Social Affairs and Czech Statistical Office and Czech 

National Bank) 

In case of comparing ad hoc prediction of the unemployment gaps in the entire national 
economy for the year 2013 using all methods and the estimate of HP filter, we can see the correct 
placement of the phase of recession, while the former HP filter and Kalman filter results indicated a 
certain degree of doubts about said recession being present for the entire year 2013. Slightly more 
optimistic were ad hoc predictions for the year 2013 using the methods of HP filter and Kalman 
filter. The most conformity between the extrapolated data from 2012 and results obtained by using 
HP filters after extending time series to the year 2018 can be seen in the construction industry. 
Interestingly, in the industry, trends resulting from the application of models on the data all the way 
to the year 2012 were the most reliable in predicting the correct development using the method of 
Stochastic trend.  

Estimation method Period NE_Gap Construction_Gap

Estimating from 

tendencies towards the 

end of 2012 using the 

HP filter method  1/13

Continuation and further deepening 

of the recession phase but also a 

variant with its exhaustion in the 

second half of the year.

The probability of turning 

into a positive gap in the 

second half of 2013.

Estimating from 

tendencies towards the 

end of 2012 using the 

the Kalman filter 

method  1/13

Continuation and further deepening 

of the recession phase but also a 

variant with its exhaustion in the 

second half of the year.

The continuation and 

further deepening of the 

positive gap, but also the 

variant with its exhaustion 

in the first half of the year.

Estimating from 

tendencies towards the 

end of 2012 using the 

the Stochastic trend 

method  1/13

The continuation of the positive gap 

only in Q1 2013, the possible 

recession phase could cover the 

remaining part of the year.

Sustaining the recession 

phase in the early part of 

2013 and the boom phase 

in the second half of the 

year.

 1/13 1,13 2,86

2 0,47 1,04

3 0,54 -0,22

4 0,93 -0,66

Estimation after 

prolongation of the HP 

filter method
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Fig. 2 - Development of unemployment gap in national economy according to HP filter and in the 
construction industry after extending the time series all the way to the 4th quarter of 2018 (Source: 

Own calculations based on data by Ministry of Labour and Social Affairs and Czech Statistical 
Office) 

     Phase of recession estimated for the entire national economy in the year 2013 and 
continuing all the way up to the 1st quarter of 2015 was consistent with the annual growth of 
unemployment rate (+0,3 p.p.). It was also consistent with the development of GDP, which shows 
the beginnings of this phase as early as in the 2nd quarter of 2012. Positive gaps amounting to 
roughly 0,2 p.p. (see Figure 2) were found in the period from the 2nd quarter of 2015 to the 4th 
quarter of 2018. Observed phase of boom overlapped with the decrease in the unemployment rate 
by 1,4 p.p. and was also accompanied by growth of (by 3,7 %). In the construction industry, 
negative gaps were observed as early as in the 3rd quarter of 2012 to the 1st quarter of 2015, with 
added value growing only by 0,5 % and specific unemployment rate growing by 0,1 p.p. Positive 
gaps in the period directly following and lasting all the way to the 2nd quarter of 2018 was in 
average roughly 0,3 p.p. and was in accordance with the annual growth of the added value and 
with the decrease in the specific unemployment rate (by 1,2 p.p.). Negative gap was then observed 
in the second half of 2018 being roughly 0,2 p.p., and added value growing only by 0,9 % with 
specific unemployment rate stagnating and being same as at the same time last year.   

CONCLUSION 

     From the analysis of the ability of individual methods to correctly depict the influence of 
the transformation of the economy on the labor market consistent with the development of the 
actual real economy, it can be concluded, that, in Czechia, we can accept the conclusions made by 
authors [7]. These conclusions were about using local linear trend to improve the credibility of the 
estimate of NAIRU. Method of Stochastic trend reacted to the actual development of the economy 
nearly the same as the Kalman filter and substantially more accurately than the HP filter.   

     In the construction industry, the period of transformation of the economy and phases of 
the economic cycle was predicted correctly by used methods and was consistent with the actual 
development of the economy. Even though Stochastic trend was consistent with the actual 
development of the economy, results gained by this method did not cover the entire observed 
period and it is therefore impossible to agree with the authors [7] about their proposed extension of 
random walk. It needs to be added, that the Kalman filter with the smoothing factor of 0,6 reacted 
to the process of transformation in the Czech economy and in the construction industry by giving 
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negative or unrealistically low positive NAIRU values. Another reason for unrealistically great gaps 
in this period can be seen in the fluctuations in oil prices, exchange rates, import prices and in 
regulated prices, which disturbed the substitution relation between unemployment and the deflation 
of household consumption.  

     Another extraordinary incident that was recorded by all three methods was the period of 
extensive positive unemployment gaps. The consistency of estimation made using Stochastic trend 
with the actual data supports the proposal of modifying the random walk, as made by the authors 
S. Fabiani and R. Mestre [7]. Method of the Stochastic trend reflected actual economy equally the
HP filter did (while the Kalman filter reported the beginning of the said phase with a delay). Positive
gaps consistent with the actual development of the economy were also observed in the
construction industry. Reason for such high positive gaps both in the national economy and
construction industry while using Kalman filter can be explained by said model being unable to
reflect the last significant improvement of the situation on the labor market in the NAIRU value.

     All methods reacted to the emerging recession. Using the method of Stochastic trend, 
the effect of the last recession on the labor market in the national economy was consistent with the 
actual data. Specifically, it was the period from the 2nd quarter of 2009 to the 1st quarter of 2011, 
which was consistent with the results provided by HP filter and one quarter earlier than the 
prediction provided by Kalman filter. Start of the latest recession in the construction industry was 
determined very differently by individual methods. All the methods, with the exception of the 
Kalman filter (estimates the phase of boom contrary to the actual economic data) agree with and 
place the end of the phase of the recession at the end of the year 2012. Stochastic trend reflected 
the transition between the phases of boom and recession with the significant delay. It needs to be 
pointed out that the disadvantage of too tightly copying estimated NAIRU values and the 
development of the actual specific unemployment rate. The problem was that beside low values of 
the calculated unemployment gap, there was also frequent changing of the phases of the cycle. 
(Negative and positive states of the calculated unemployment gaps.) 

     The evaluation of the national economy until the end of year 2012 with methods 
used is inconclusive. Using Stochastic trend, development of the national economy in the period 
between 2nd quarter of 2011 and 4th quarter of 2012 was meant to be characteristic by the fact, 
that the labor market was in the phase of boom. Using the Kalman filter as well as HP filter, we got 
the phase of the boom ending by the end of the 3rd quarter of the year 2012 and in the following 
year the labor market once again entered the phase of recession. Both the Kalman filter and the 
HP filter turned out to be much better suited for the analysis of the latest period than the Stochastic 
trend.  

     Consistency of the extrapolation of the development in the year 2013 from the 
estimates provided by the individual methods using the data until the end of the year 2012 
with the results given by using HP filter after extending time series as the way to the end of 
the year 2018 confirmed the correct placement of the recession phase in the entire national 
economy. The most consistent was the estimation in the industry made by using the HP filters for 
the year 2013 and the extrapolation made on the results until the end of the year 2012 using the 
Stochastic trend method. Little more optimistic were former estimates concerning the year 2013 
with these using the methods HP filter and the Kalman filter. The most consistency with the results 
that were obtained by extrapolation of the data from the year 2012 and the estimation made by 
using the HP filter from extended time series was found in the construction industry.  

     Estimations made by using HP filter on the most recent data confirmed two more 
phases of the economic cycle in the national industry in the period after the year 2012 and 
three more phases in our chosen industry. Phase of the recession estimated for the entire 
national economy started in the 1st quarter of the year 2013 but in the construction industry it 
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already started by the 3rd quarter of 2012. In both said cases, these model estimates were verified 
by annual unemployment rate growth (in the national economy and in the construction industry). 
The phase of the recession ends by the 1st quarter of the year 2015. Start of the positive gaps 
both in the national economy and in the construction was located to the 2nd quarter of the year 
2015. While in the entire national economy this positive period lasted until the end of the year 
2018, in the construction industry, this period only lasted until the 2nd quarter of 2018. The 
observed phase of boom was on all levels consistent with the annual decline in unemployment rate 
and with the growth of the added value. The following period can be characterized by very shallow 
recession in the construction industry in the two last quarters of 2018, specifically the 3rd and the 
4th quarters of 2018. Specific unemployment rate in the construction industry was the same as it 
was in the 2017, while in the industry, it saw an annual decrease of 0,3 p.p. Both in the 
construction industry and in the industry as a whole, a rise in the negative unemployment gaps can 
be registered, which makes continuation of this phase into 2019 very probable. In the entire 
national economy, a decreasing intensity of positive gap can be registered since the 3rd quarter of 
2018 and it can signal slow end of the phase of the boom, which could then change into a shallow 
recession in the second half of 2019.  
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ABSTRACT 

On October 23, 2011 an earthquake occurred approximately 20 km north of the province of 
Van, Turkey with a magnitude of Mw 7.2. Following the main earthquake, 111 aftershocks with 
magnitudes of 4.0 and above occurred. The state of damage was very severe and considerable 
amount of unreinforced masonry buildings were affected highlighting the need for investigating the 
seismic design of unreinforced masonry buildings in the affected area. In this paper, seismic 
behaviour of a two story masonry building designed according to the 2019 Turkish Building 
Seismic Code is presented. The main objective of this activity was to study the near field and far 
field synthetic ground motions, artificial ground motions and evaluating the responses to get 
reliable information on the seismic response of masonry buildings. 

KEYWORDS 

Masonry buildings, Seismic analysis, Near-field seismic motion, Time history analysis 

INTRODUCTION 

Located in a major earthquake zone in Turkey, most of the buildings especially in rural 
areas are in form of masonry construction. Historical ones are generally unreinforced stone or brick 
masonry.  Modern masonry buildings are generally reinforced and confined masonry constructed 
with fired clay bricks or concrete blocks. This structural type of brick masonry is also widely used 
for housing in most of the countries due to its advantages of brickwork, aesthetic appearance and 
economy of the construction [1], [2], [3], [4]. In many countries a considerable amount of research 
was carried out and continues to contribute to improvement of seismic codes for masonry 
buildings. In Turkey, this type of construction became popular in recent times but there is no 
specific design code for masonry buildings. It is important to investigate the seismic behaviour of 
masonry buildings since large mass of walls could result in serious damages under earthquake 
ground motion. In this study a two-story masonry building was designed according to the recently 
adopted 2019 Turkish Building Seismic Code (2019 TBSC) [5].  Structural performance of the 
masonry building was investigated under seismic excitations. Dynamic analyses were performed 
under real and simulated ground motions. Near filed and far field synthetic ground motions were 
generated compatible with the target spectrum. Due to the characteristics of earthquakes, near 
field ground motions have long period velocity pulses that are not shown in far field ground 
motions. Besides, the effect of ground motion of a moderate-large earthquake recorded in a near-
field, mostly differ from the effects recorded far from the earthquake source [6]. This research also 
aims to investigate the seismic response of a two-story masonry building due to near-field and far-
field ground. Therefore, the City of Van located in Turkey was chosen as the study area. The city is 
under the influence of the 40 km long Bitlis fault zone which passes about 20 km north of the city 
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and the South Anatolian fault. The region of Van is under the influence of the north-south 
compression and contraction zone as a result of the proximity of the Arabian plate to the north 
towards the Eurasian plate. There are three different categories of faults falling in the Van region; 
strike-slip, thrust to reverse and oblique-slip normal [7]. A simplified tectonic unit and seismic 
activity of Van and its surroundings is given in Figure 1.  These maps were constructed with 
Generic Mapping Tools (GMT). On October 23, 2011 the Van earthquake occurred approximately 
20 km north of the province of Van with a magnitude of Mw 7.2 with a right-lateral strike-slip 
mechanism. Following the main earthquake, 111 aftershocks with a magnitude of Mw 4.0 and 
above occurred. According to the Disasters and Emergency Situations Directorate of Turkey 
(AFAD), this earthquake resulted in the death of approximately 604 people, 4,152 people were 
injured, and 6,017 buildings collapsed [8]. Another earthquake of Mw 5.7 took place on 9 
November 2011.  In addition to that, after October 23, 2011, 5527 earthquakes ranging in size from 
1.4 to 5.7 occurred in the Van earthquake region for about 1 year [9], [10].  

GROUND MOTION DATA SETS 

The ground motion recorded in field within a distance of about 20 km from the fault rupture 
is typically known as near-field ground motion. Although there is no clear definition for the distance 
range of near and far field, if the site is about 50 km around the fault then the ground motion is 
considered as a far-field earthquake. Near-field ground motions distinctively have higher 
acceleration, more limited frequencies and different pulses in time histories as far as far field 
ground motion is concerned. In addition to that, forward directivity and fling step effects are 
common characteristics of near-field ground motions. These effects result from rupture 
mechanism, residual ground displacement and slip direction of rupture relative to the site.  At the 
beginning of the record, large pulses are observed due to transfer of a major portion of the fault’s 
energy to the site when the rupture propagation of the fault towards a site with a velocity close to 
the shear wave velocity. Seismic waves observed at site with radiation pattern of the fault oriented 
in the fault-normal direction get close to each other and generate a large pulse which decreases 
the duration of the fault waves reaching the structure [11], [12]. Although most of these pulses are 
observed from the radiation pattern of the fault oriented in the fault-normal direction, the fault 
parallel direction could result in strong pulses, too [13], [14]. Fling-step effect is the relative slip 
between the hanging wall and footwall which produces large amplitude unidirectional velocity pulse 
and a monotonic step in displacement time history [15], [16]. These pulses result in the occurrence 
of static permanent ground displacements due to tectonic deformation associated with fault rupture 
[17]. As these near field effects can lead to higher seismic demands, it is important to take seismic 
design of structures located in the near-field zone into consideration [14], [18], [19], [20], [21]. 2019 
TBSC provides regional variations in the shape of the response spectrum for site conditions, 
earthquake source and path. In this study for the target spectrum, a reduced design acceleration 
spectrum was created under a horizontal earthquake effect according to the 2019 TBSC. The soil 
profile in the selected area is composed of thick, medium solid-hard silt and silt sand and gravel 
sand layers ranging from clay to medium tight-tight. The shear wave velocities obtained in the 
central districts of Van province according to SPT-N values vary between 261.3 m / s and 357.7 m 
/ s [22], [23]. Taking into account the site properties proposed by the National Earthquake Hazard 
Reduction Program (NEHRP), the site is medium tight-hard as class D [24].  
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(a) 

(b) 

Fig. 1 – A simplified tectonic units and seismic activity of Van and surroundings 
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Two different earthquake ground motion levels were taken into consideration for the 
generation of synthetic accelerograms. The first ground motion level has a 2% probability to be 
exceeded in 50 years. Return period of this ground shaking is approximately 2475 years. The 
second ground motion level has a 10% probability to be exceeded in 50 years. Return period of 
this ground shaking is approximately 475 years. For each earthquake ground motion level a total of 
eight near field, eight far field synthetic excitations and eight artificial ground motions were 
generated based on the adaptation of a random process to a target spectrum of the region. 
SeismoArtif provides a user defined spectrum to generate artificial accelerograms [25]. The 
accelerogram was defined using target spectrum and adapting its frequency content using the 
Fourier transform. Hallodorson and Papageorgiou algorithm was used for the generation of 
synthetic motions applied both in the near-fault and in the far-field region [26]. The correction of the 
random process was performed for each iteration using Equation 1 [27]: 

F(f)i+1 = F(f)i [
SRT(f)

SR(f)i
]   (1) 

where, 
F(f)i+1, F(f)i are the data of the accelerogram in the frequency domain; 
SR(f)i   is the data response spectrum relative to the accelerogram of that iteration due to 

frequency f. 
SRT(f) is the data of target spectrum relative to the accelerogram of that iteration due to 

frequency f. 

At each iteration a Fourier transformation was applied to move from time domain to 
frequency domain.  In order to generate the synthetic accelerogram, Gaussian white noise was 
multiplied by Saragoni & Hart envelope shape [28]. Soil effects were considered as linear based on 
NERPH class D (Vs30 = 255 m/s). The smallest and largest periods of the target response 
spectrum were used to determine the frequency range within the power spectral density function. 
In order to establish the elastic response spectra, linear dynamic analysis was performed using 
Newmark integration method to solve the single degree of freedom system of equations of motion 
[29]. In addition to these synthetic ground motions (SGM), artificial ground motions (AGM) were 
generated through the use of a Saragoni and Hart (1974) envelope shape and a power spectral 
density function which was calculated from the velocity target spectrum of earthquake ground 
motion level 1 and level 2. Sinusoidal wave Equation 2 was used to generate the steady state 
motion: 

W(t) = ∑ Aii sin(wit + ϕi)  (2) 

where, 
Ai is the amplitude and  
Φi is the phase angle of the ith sinusoidal wave. 

In order to simulate the transient behaviour for the artificial ground motions, GM(t) the 
steady state motions were multiplied by Saragoni and Hart (1974) envelope shape, I(t) in which the 
phase angles are in the interval of [0 2Π], with a uniform probability distribution by Equation 3: 

GM(t) = I(x) ∑ Aii sin(wit + ϕi)   (3) 

For the ground motion level 1, peak ground acceleration (PGA) of near field and far field 
synthetic ground motions varies between 0.51 g and 0.53 g. For the same ground motion level 
peak ground velocity (PGV) values which are often considered as the indicator of damage potential 
are in the range of 0.50 m/sec and 0.76 m/sec.  For the ground motion level 2, peak ground 
acceleration (PGA) of near field and far field synthetic ground motions is about 0.27 g. For the 
same ground motion level peak ground velocity values vary between 0.31 m/sec and 0.53 m/sec. 
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Furthermore ground motion record of October 23, 2011 Van earthquake (ML 6.7) was downloaded 
from the Disaster and Emergency Management Authority (AFAD) Strong Motion Database. The 
earthquake lasted for approximately 80 s. Acceleration time histories of Van Earthquake are given 
in Figure 2. Comparison of target spectrum and response spectrum of ground motions are shown 
in Figure 3 and Figure 4.  

Fig. 2 – Acceleration histories of Van NS and EW components 

Fig. 3 – Comparison of target spectrum and response spectrum of synthetic ground motion (SGM) 
for ground motion level 1 and level 2 
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(a) 

(b) 

Fig. 4 – Comparison of target spectrum and response spectrum of artificial ground motion (AGM) 
for ground motion level 1 and level 2 (a), comparison of target spectrum and response spectrum of 

October 23, 2011 Van Earthquake (b) 

DESCRIPTION OF NUMERICAL MODEL 

For the numerical modelling, finite element modelling (FEM) software SAP2000 was used 
to create the two-story masonry building.  The two story masonry building was considered to be 
designed for dead load, live load and seismic load according to the 2019 TBSC. The masonry 
building that was considered for this study was a double story building consisting of three bays in 
each direction of 10.25 m long and 12 m wide. The wall was 0.25 m thick and the total height of 
masonry buildings was 5.90 m.  In the building, tops of openings in the story were at the same 
level. The plan of the building consisted of a continuous lintel band through all walls just above the 
openings but it was not considered in the numerical model. The wall was discretized into small 
number of elements. The structural members of the masonry building were slabs, beams and 
bearing walls. The slab was reinforced concrete and was supported by horizontal beams on the 
masonry walls. In order to integrate concrete slab and masonry walls with each other and distribute 
the horizontal loads to the masonry walls; rigid diaphragm behaviour was adopted. By this way, the 
shear force induced by the walls was compensated by the in-plane rigidity of the walls. In the 
numerical model floor, the slab has a degree of freedom of translation in two in-plane directions 
and rotation about the vertical direction. At 4 m intervals in the masonry walls vertical beams were 
designed according to 2019 TBSC.  These vertical beams and proper connection between wall and 
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diaphragms would lead to ductile behaviour governed by the in plane response of the masonry 
walls.  

In the Eurocode 8 of Part 1 and Part 3, the conditions of limit for the design or assessment 
of masonry buildings refer to a damage limitation and to an ultimate limit state. According to 
Eurocode 8, three different performance criteria are included: damage limit state of the occurrence 
of damage and the associated limitations of use. The Ultimate limit or Life Safety limit state that the 
structure should remain without global or local collapse that the structure continue to carry the 
gravity load demands of buildings and a residual load bearing capacity [30]. In the FEMA E-74, 
earthquake damage to non-structural elements are given in three types of risks: Life Safety limit 
state, Property Loss limit state and a Functional Loss limit state [31]. In the FEMA 273, the given 
performance criteria applied for structural components and unreinforced masonry infill walls are 
Immediate Occupancy, Life Safety and Collapse Prevention [32]. According to the given definitions 
for the performance of masonry buildings in 2019 TBSC, if the shear strength of all the walls of the 
masonry building in both directions is sufficient to meet the shear forces generated by the applied 
earthquake effects, it is concluded that the building provides a Limited Damage Performance 
Level. This level of performance corresponds to the level of damage in which the building damage 
is limited, i.e. non-linear behaviour is limited. If the contribution of the walls that do not meet this 
condition to the shear force is lower than the 40% in the earthquake direction applied on any floor, 
the building will be considered to provide the Controlled Damage Performance Level. This level of 
performance corresponds to the level of damage to the structural components which is not serious 
and often repairable to ensure safety. If this rate exceeds 40%, the building is considered to be in a 
Collapse State. In this study, the resulting shear force was compared with the safety shear strength 
of the wall, taking into account the vertical normal force on the wall and the bearing strength of the 
wall. Wall areas were calculated by removing gaps such as doors and windows. For the safety of 
the structural system, the torsional rigidity relative to the vertical axis of the building was 
determined according to the 2019 TBSC. Masonry walls were designed such that the stress 
calculated by dividing the design force acting on the masonry wall in the vertical direction by the 
cross-sectional area excluding door and window openings on the wall is not greater than the 
allowable compressive stress for the wall. In addition to that, the masonry walls were designed 
such that the design strength of vertical load was greater than the design normal force acting in the 
vertical direction to the masonry wall. To this aim, the following equations (2019 TBSC) given in 
Table 1 were used: 

Tab. 1 - 2019 Turkish Building Seismic Code given design equations 

Characteristic shear strength of masonry wall, fvk 

fvk = fvko + 0.4σvertical ≤ 0.10fb 
Initial shear strength of masonry wall, 

fvko obtained from TBSC 2019 

fvko = 0.30 MPa 

Vertical compression stress 

σvertical =
NEd

lt

Axial force, NEd

Wall cross-section length, l 
Wall thickness, t 

Shear strength of masonry wall design 

VRd = lt
1.5fvdo

b
√1 +

NEd

1.5ltfvdo
VRd = fvdotlc 

fvdo =
fvko
γm

Strength reduction coefficient, γm is 0.2 determined according to the TBSC 2019 
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The initial shear strength of the masonry wall, fvk0 is determined according to the 2019 
TBSC. Accepted compressive strength of the masonry wall, fb is 20 MPa. The elasticity and shear 
modulus of the masonry walls was calculated according to the relationship between characteristic 
compressive strength of masonry wall and elasticity given in 2019 TBSC.   

Eigen frequencies and displacement mode shapes of model are shown in Figure 5. The first 
period is approximately 0.067 seconds which is very close to the second mode 0.055 sec due to 
the almost symmetric plan those corresponds to a bending mode shape on both orthogonal 
horizontal planes. Mode 3 involves shear and torsional movements. Mode 1 and mode 2 are 
predominant translation modes that exhibit a high relative modal mass in both orthogonal direction 
and little or near zero in rotation. Modal analysis provided valuable information insight into the 
dynamic characteristics of the masonry numerical model. In addition to that, as the modal 
contribution to the displacement depends on the static properties of the system and the dynamic 
response of the system under earthquake excitation time history analyses were performed. 

Fig. 5 – Eigen frequencies and displacement mode shapes 

SEISMIC RESPONSE ANALYSIS OF A MASONRY BUILDING 

Seismic ground motions were applied as base excitation to the numerical model. It was 
assumed that the structure was subjected to the earthquake in both horizontal directions. Due to 
the fact that the seismic effects in two orthogonal directions are unlikely to reach their maximum 
value at the same time, the 30 percent orthogonal loading rule was applied. For the time history 
analysis under synthetic and artificial ground motions, 100% of the earthquake was combined with 
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30% of the earthquake in the orthogonal direction. During near field and far field seismic 
excitations, depending on the direction of ground motion, in-plane and out-of-plane forces occurred 
on the masonry walls. For out-of-plane, shear force and bending moment were developed in the 
weak direction of the masonry wall due to the weakness of the out-of-plane stiffness of the 
masonry wall. Horizontal inertia forces transmitted from the slab were transmitted by the in-plane 
forces formed on the walls in the direction of force.   Under near and far field earthquakes when the 
torsional moment increases the shear force in one part of the masonry walls in the earthquake 
direction, it decreases the shear force in the other part. It created a shear force on the masonry 
walls for those which were not parallel to the direction of seismic loading.  

Variation of top displacement and base shear force under artificial earthquakes, near and 
far field earthquakes for ground motion level 1 and ground motion level 2 are given in Figure 6. A 
brief inspection of the values indicates that the maximum roof displacements that the masonry 
building experienced are under near field excitations created for ground motion level 1. The 
duration of the artificial ground motions was about 20 sec. while for the near field and far field 
ground motions duration was about 10 sec. and 14 sec., respectively.  As the near field ground 
motions have higher accelerations and more limited frequencies in time histories than the far field 
ground motion, the selected building experienced the highest responses in terms of deformation 
and stresses under near field synthetic excitations. The Masonry building was exposed to artificial 
ground motions for 20 sec. which resulted in the highest base shear forces in both ground motion 
levels. Furthermore, PGV of synthetic and artificial ground motions and roof drift ratios were 
compared for each ground motion set (Figure 7). Drift ratios  were  found  by  dividing  the  roof 
displacement  with  the  story  height. Considering the set of ground motion level 1; PGV of the 
synthetic loadings were in the range of 50 cm/sec and 76 cm/sec and PGV of the artificial loadings 
were in the range of 50 cm/sec and 58 cm/sec. For the second ground motion level, PGV of the 
synthetic loadings varied between 31 cm/sec and 53 cm/sec while PGV of the artificial loadings 
were in the range of 27 cm/sec and 36 cm/sec. It is evident for the near field synthetic and artificial 
excitations of both ground motion levels; the drift ratio increases with the increase of PGV which is 
not clear for far field ground motion data set. Considering the ground motion level 1, although the 
PGVs are in about the same range for artificial and far field ground motions, higher drifts were 
observed under far field loadings. Furthermore, during seismic analysis in addition to the horizontal 
shear forces induced in the walls in the related direction of seismic loading, under vertical loads, 
shear forces and bending moment occurred in slabs but shear forces were more effective on the 
behaviour of walls of masonry buildings than the bending moment. The designed building had 
damage of the ductile type distributed at many locations due to the absorption of a good amount of 
energy received from the seismic excitations. Close the opening tensile stresses occurred under 
compression which would result in cracks. As expected, the masonry structure experienced 
maximum tensile stresses observed under near field earthquake for ground motion level 1 and 
minimum tensile stress occurred under the October 23, 2011 Van Earthquake.  
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Fig. 6 – Variation of top displacement and base shear force under artificial earthquakes (AGM), 
near and far field synthetic earthquakes (SGM) for ground motion level 1 and ground motion level 2 
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Fig. 7 – Variation of drift ratio and peak ground velocity (PGV) under artificial earthquakes (AGM), 
near and far field synthetic earthquakes (SGM) for ground motion level 1 and ground motion level 2 
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inspection of the results indicates that these effects could also be accounted for the selected non 
slender masonry building with a short natural time period. 

• The maximum roof displacements that the masonry building experienced under near field
excitations created for ground motion level 1 were significantly higher than those for the other
earthquakes.

• Under the lateral shear force applied at roof level, the total displacement at the same level
can be considered to be comprised of a displacement of the gross wall acting as a cantilever
additional deflections resulting from flexibility of piers. For the ground motion level 2, under far field
excitations, artificial ground motions and the October 23, 2011 Van Earthquake, the masonry
building showed closed to an elastic behaviour. On the other hand, for the ground motion level 1,
under near field excitations, the masonry building showed an inelastic behaviour.

• For the two levels of synthetic and artificial near field motions considered in this study,
tensile stresses observed close the openings were significantly higher than the far field responses
which would result in cracks. Therefore, in the design process, the location and size of the
openings should be defined to optimize the performance under ground motion. Although, for
ground motion level 2 under far field excitations, artificial ground motions and the October 23, 2011
Van Earthquake masonry walls passed the range of linear elastic limit a bit, under other
earthquakes the deformation levels are well beyond the elastic limit.

• It can be concluded that the selected two story masonry building designed according to the
2019 TBSC can stably withstand inelastic actions without collapse. Results indicate that near field
motions play an important role in seismic resistant design of masonry structures. Near field
synthetic motions produced greater displacement responses in the masonry building than far field
seismic excitations. However, it should be noted that in the case of stiff soils, the reverse can
happen in that far field motions can result in higher responses than near field ground motions.
Therefore, more analysis results of various masonry buildings subjected to near and far field
seismic motion in stiff soil are needed. Major findings should be stated with respect to relevant
literature. Recommendations for future research should also be made.
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ABSTRACT 

Taking the water-rich sand and pebble geology deep foundation pit of Jinfu Station of 
Chengdu Metro Line 6 as the research object, combined with the ladder excavation method of 
slotting, utilizing  finite difference software FLAC 3D as well as on-site monitoring result, the 
deformation law of the diaphragm wall during the dynamic excavation of the foundation pit is 
analysed, and the influence of the relative stiffness between the vertical and horizontal walls of the 
foundation pit on the lateral deformation of the retaining structure is discussed. The results show 
that while using the ladder excavation method of slotting, the maximum lateral displacement of the 
underground diaphragm walls decreases gradually with the excavation depth of the foundation pit, 
which occurs at the intersection of the middle point of the oblique excavation line and the step 
distance section of the transverse excavation. Additionally, the lateral displacement increases 
closer to the excavation section. The lateral displacement of the envelope enclosure mainly 
depends on the relative constraint stiffness of the vertical and horizontal underground diaphragm 
wall of the foundation pit. The use of the ladder layered excavation method of slotting can 
effectively reduce the lateral displacement of the underground diaphragm wall. The simulated 
result and on-site monitoring result are nearly the same. These results can provide a 
corresponding theory and engineering basis for the selection of excavation methods for the same 
type of sand and pebble stratum foundation pit.  

KEYWORDS 

Sand and pebble geology, Deep foundation pit, Numerical simulation, Dynamic control, 
Lateral displacement  

INTRODUCTION 

With the rapid development of China's economy, the construction of urban rail transit has 
also achieved sustained and rapid development. During the construction of urban infrastructure 
such as the Chengdu Metro, unfavourable engineering geological conditions such as water-rich 
sand and pebble strata have brought greater difficulties to the construction of engineering 
foundation pits and have created technical problems that require solving. The geological conditions 
in Chengdu mostly consist of sand and pebble strata, and they are widely distributed. There are 
also large differences in the spatial distribution of the strata. Sand-pebble formations have a 
skeleton structure, a rich porosity, a large particle dispersion, almost zero cohesion, poor 
disturbance resistance, and easy water permeability. These strata are typical in mechanically 
unstable formations. During the excavation of foundation pits, due to insufficient research on this 
type of geological condition and unknown engineering characteristics, engineering accidents such 
as overall instability of the foundation pit and ground collapse are often caused. Therefore, it is of 

mailto:chengxslut@sina.com
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  Article no. 26 

THE CIVIL ENGINEERING JOURNAL 3-2020 

--------------------------------------------------------------------------------------------------------------- 

  DOI 10.14311/CEJ.2020.03.0026 294 

great theoretical and practical significance to study the dynamic construction control method of 
sandy pebble geological deep foundation pits. 

Scholars have adopted different methods to study different approaches to engineering and 
technical problems in the excavation of deep foundation pits. Liao et al [1] used the field monitoring 
data of the shotcrete anchoring of a deep foundation pit in Chengdu to obtain the deformation law 
of deep foundation pits in Chengdu area and its influence range, and proposed a new type of 
supporting strength, stability calculation method and deformation control method for deep 
foundation pit. Yu et al [2] verified the necessity of 3D analysis for foundation pit engineering. Ou et 
al [3] gave the deformation characteristics of foundations pits for the Taipei soft soil area, while 
Wang et al [4] gave the deformation characteristics of foundation pits under soft soil conditions. Ou 
et al [5,6] explored the changes in the lateral movement of the wall and the settlement of the 
ground surface behind the wall in different regions and under different stratum conditions, as well 
as the characteristics of time and space. Tong et al [7] used the particle discrete element method 
to analyse the changes in the surrounding ground settlement during the excavation of the deep 
foundation pit. Finno et al [8] obtained the range of influence of the pit angle effect for the Chicago 
stratum. Feng et al [9] analysed the overall deformation of the subway station foundation pit in 
consideration of the spatial effects. Li et al [10] discussed the space-time laws of the ground 
subsidence, pile displacement, supporting axial force and pit bottom bulging of the foundation pit. 
Wang et al [11] established a numerical analysis model of the deep foundation pit supporting 
structure to analyse the settlement and deformation laws. 

As can be seen above, there are few studies on the influence of the relative stiffness of the 
vertical and horizontal walls of the foundation pit on the lateral deformation of the retaining 
structure for the long-strip subway foundation pit in the water-rich area with sand and pebble 
geology. In addition, the general excavation of foundation pits usually only considers the impact of 
layered excavation on the lateral displacement of the underground diaphragm wall of the subway 
foundation pit, and there are few studies on the impact of soil excavation methods and support 
erection timing. At the same time, there is still a lack of systematic, comprehensive and detailed 
research on the dynamic construction control methods of deep foundation pits in sand and pebble 
geology. Therefore, using the FLAC 3D finite difference software, combined with the grooved 
stepped foundation pit excavation method, the deformation law of the underground continuous wall 
during the dynamic excavation of the foundation pit is analysed and studied; the relationship 
between the relative rigidity of the transverse wall and the longitudinal wall of the foundation pit is 

discussed; the influence of earth excavation method and support erection on lateral displacement 

of underground diaphragm wall of subway foundation pit is studied, which has important practical 
guiding significance for solving practical engineering problems. 

Excavation method for the stepped sand-pebble layer of a deep foundation pit 

This research relies on Jinfu Station of Chengdu Metro Line 6, the intermediate station of 
the first and second phases of the project. The foundation pit of the standard section of the station 
is 20 m wide, approximately 20.36-21.5 m deep and 311.3 m long. The half-cover digging 
construction method is adopted for construction, and the supporting system adopts a type of 
supporting pile + internal support. The support system for the excavation standard section of the 
foundation pit adopts a reinforced concrete support + three steel supports, and the diagonal wells 
are used at the end wells. The top of the pile is provided with a reinforced concrete crown beam, 
the first support is supported on the concrete crown beam, and the steel support is supported on 
the steel enclosure. 

Vertical excavation method of the foundation pit sand-pebble layer 

For the excavation of the vertical soil of the foundation pit, four layers of excavation were 
used. The first excavation reached the design elevation of the bottom of the first concrete support. 
The second excavation depth was 7.5 m, excavated for three times respectively, each excavation 
depth was 2.5 m; the third excavation depth was 6.0 m, excavated for three times respectively, 
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each excavation depth was 2 m; the last excavation was excavated to the design base level. The 
specific excavation method of each layer is described as follows. 

Excavation of the first layer of earthwork 

The first layer of earthwork is excavated as a whole to form a plane at the bottom of the 
crown beam. After the template is installed, the first layer of the concrete support is poured. After 
the concrete support reaches the design strength, excavation from the north to the south is used to 
excavate the second layer of soil grooves. During the excavation, the support plane is reserved for 
the construction plane, ensuring the groove width in the middle of the foundation pit is 9 m. The soil 
on both sides of the steps is stable. A schematic diagram of the excavation section of the first layer 
of earthwork is shown in Figure 1. 

       

(a) Schematic diagram of horizontal section     (b) Schematic diagram of vertical section 

Fig. 1 – Schematic diagram of the excavation section of the first layer of earthwork 

       

(a) Excavation step I                                       (b) Excavation step II 

Fig. 2 – Vertical concrete excavation diagram of the second layer of earthwork 

 

       

(c) Excavation step III                                     (d) Excavation step IV 

Fig. 2 – Vertical concrete excavation diagram of the second layer of earthwork 
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Excavation of the second layer of earthwork 

The excavation depth of the second layer of earthwork is 7.5 m, which is excavated for 
three times, and each excavation depth does not exceed 2 ~ 2.5 m. The concrete vertical 
excavation of the second layer of earthwork is shown in Figure 2. 

Excavation of the third layer of earthwork 

The excavation depth of the third layer of earthwork is 6 m, which is excavated for three 
times, and each excavation depth does not exceed 2 m. The middle slot is excavated first in the 
horizontal direction, the sides of the slot are sloped at 1:1, and the soil in b1, b2, and b3 are 
excavated on both sides in sequence. Platforms with a width of 3 m are left on both sides of each 
excavation. Soil spraying is carried out on the soil platform. A third steel enclosure and steel 
support is erected after the b1 soil is excavated. A schematic diagram of the excavation section of 
the third layer of earthwork is shown in Figure 3. 

(a) Excavation step (b1-b1, b2-b2, b3-b3 part) (b) Mechanical operation diagram

Fig. 3 – Schematic diagram of the vertical excavation section of the third layer 

Excavation of the fourth layer of earthwork 

The excavation depth of the fourth layer of earthwork is 6.4 m, and it is excavated three 
times; each excavation depth does not exceed 2 ~ 2.4 m. The middle slot is excavated first in the 
horizontal direction, both sides of the slot are sloped at 1:1, and the soil in c1, c2, and c3 is 
excavated on both sides in sequence, leaving a 3 m wide platform on each side of the excavation. 
Soil spraying is carried out on the soil platform. Where the excavation reaches 300 mm above the 
ground of the foundation pit, manual excavation should be used to remove the remaining 
earthwork. Over-excavation is strictly prohibited to minimize disturbance to the foundation soil. A 
schematic diagram of the excavation section of the fourth layer of earthwork is shown in Figure 4. 

(a) Excavation step (c1-c1, c2-c2, c3-c3 part) (b) Mechanical operation diagram

Fig. 4 – Schematic diagram of the excavation section of the fourth layer of earthwork 
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MODELLING AND SIMULATION 

Calculation parameters and models 

  The irregular and convex edge part of the foundation pit on the actual site is simplified to a 
regular rectangular end well. According to St. Venant's theorem, the model boundary is 5 times 
deeper than the excavation boundary of the foundation pit and 3 times deeper in the depth 
direction.  

The parameters of Tables1~3 are derived from experience and engineering practice. The 
support is simulated using beam elements in Table 1, and the beam element parameters can be 
seen in Table 2; the plastic-hardening constitutive model, and the soil parameters of each layer 
can be seen in Table 3. During the excavation process, the precipitation process of the foundation 
pit is no longer considered. The final calculation model of the solid unit is 420 m × 140 m × 60 m. 

Tab. 1 - Main parameters of the underground diaphragm wall 

Diaphragm Wall E /GPa ν Thickness t /m ρ /(kg/m3) 𝑘𝑛 /(N/m3)

Inside 24.00 0.20 0.85 2500 1.8×1010 

Outside 24.00 0.20 0.85 2500 1.8×1010 

Diaphragm Wall 𝑘𝑠/(N/m3) 𝑐 /kPa ψ /° 𝑓𝑡 /(N/m2) 𝑐𝑟 /(N/m2)

Inside 1.8×1010 7.00 6.00 0.00 2500 

Outside 1.8×1010 14.00 12.50 0.00 2500 

Tab. 2 - Support unit parameters 

Support Section size /mm 
Density ρ 

/(kg/m3) 
E /GPa 

Cross-sectional 

area S/m2 
Iy/m4 Iz/m4

RC Support 1200×1400 2500 25.0 1.68 0.2016 0.2744 

Steel support  609 ( t 6 ) 7800 200 0.0298 1.32×10-3 1.32×10-3 
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Tab. 3 -  Soil layer parameters of the plastic-hardening model 

Model 
parameters 

Miscellaneous 
fill [12] 

Clay [12] 
Sand 
[12]  

Loose 
sand-
pebble 

Medium dense 
sand-pebble 

Compact 
sand-
pebble 

𝑝𝑟𝑒𝑓/kPa 100.00 100.00 100.00 100.00 100.00 100.00 

𝐸50
𝑟𝑒𝑓

/MPa 6.00 8.00 30.00 27.27 20.07 14.86 

𝐸𝑢𝑟
𝑟𝑒𝑓

/MPa 18.00 24.00 90.00 109.07 80.29 59.44 

𝐸𝑜𝑒𝑑
𝑟𝑒𝑓

/MPa 6.00 4.00 30.00 8.19 11.12 10.10 

𝜐𝑢𝑟 0.20 0.20 0.20 0.20 0.20 0.20 

'c /kPa 0.00 5.00 1.00 0.00 0.00 0.00 

' /︒ 15.00 25.00 32.00 26.05 34.65 42.05 

𝜓/︒ 0.00 0.00 2.00 14.29 13.51 13.43 

𝑚 0.65 0.80 0.50 0.22 0.42 0.63 

𝑘0
𝑛𝑐 0.44 0.50 0.47 0.56 0.43 0.33 

𝑅𝑓 0.90 0.90 0.90 0.34 0.79 0.90 

Numerical simulation conditions 

  The site adopts the stepped excavation construction method of the slot, combined with the 
longitudinal excavation method, and according to the vertical excavation of the soil layer, the 
simulation conditions are set as shown in Figure 5. The first floor is excavated to the first concrete 
support design elevation position (R1), and the concrete support is applied. Then, after the groove 
excavation (R2) of the remaining soil layer is finished, the excavation of the remaining soil layer is 
performed from the lower left corner to the upper right corner according to the simulation condition 
setting table during the simulation. The excavation of each layer is divided into two steps. The first 
step is to excavate the slot (*Z) in the middle, and the second step is to clean up the steps (*B) on 
both sides. When excavating to the support design elevation, support erection is carried out in 
time. The excavation method of the entire foundation pit adopts a backward angled excavation 
method, and the foundation pit is excavated in turn. 

CALCULATION RESULTS AND RESULTS ANALYSIS 

To accurately obtain the lateral movement of the underground continuous wall during the 
stepped excavation of the slotted groove, when the fourth soil excavation in the first section 
reached the design elevation of the bottom of the foundation pit, data was recorded (the excavation 
simulation condition setting chart is the excavation condition of the top left corner without filling 
background). The data is recorded after each excavation (the excavation simulation condition 
setting chart shows the conditions of completing the same filling background colour). The names of 
the data are recorded as working conditions I ~ X, respectively. 
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Fig. 5 – Setup diagram of the excavation simulation conditions 

Horizontal displacement of the underground continuous wall in the x direction 

The cross-sectional position diagram of the horizontal displacement data point in the X 
direction of the underground diaphragm wall is shown in the Figure 6. 

Fig.. 6 - Cross-section location of horizontal displacement data points in X direction of 
underground diaphragm wall 

During the excavation of the foundation pit, to obtain the displacement change of the 
underground continuous wall in the x direction, six sections were taken as the data extraction 
surface, and the distance between adjacent sections was 50 m. The data obtained for each section 
is shown in Figure 7. 
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Fig. 7 – Horizontal displacement of the underground diaphragm wall in the x direction 

It can be seen from Figure 7 that during the excavation of the foundation pit, the first and 
second working conditions were excavated to the design elevation of the foundation pit, and the 
entire foundation pit was excavated to a lesser extent. The difference in the earth pressure on both 
sides of the underground continuous wall was not sufficient to resist the embedded rigidity at the 
bottom of the underground continuous wall, and because of the stepped excavation of the slotted 
groove, the support was erected in time, and the maximum side shift was 2.2 mm. Later, inclined-
angle retrogressive excavation was adopted, and the excavation construction step was 30 m. It 
can be seen from working conditions III and IV that as the excavation of the foundation pit 
gradually increased, the lateral movement of the underground continuous wall gradually increased, 
and the maximum moving section appeared at the intersection of the midpoint of the diagonal 
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excavation line and the excavation section. Second, the maximum lateral displacement section 
was on the adjacent side of the maximum lateral displacement surface. The closer to the cross 
section of the lateral excavation construction step, the larger the lateral displacement was. The 
maximum lateral displacement was 4.8 mm. When the excavation reached working conditions V or 
VI, the excavation volume of the soil inside the foundation pit exceeded half of the total excavation 
volume of the soil. The difference in the earth pressure on both sides of the underground 
diaphragm wall gradually approached the bending resistance provided by the embedded end of the 
underground diaphragm wall, which caused the tendency of the underground diaphragm wall to 
rotate. The maximum excavation depth of the foundation pit was close to 16.9 m after the 
excavation to working conditions VII and VIII, and the supporting system was fully applied. The 
maximum lateral displacement of the underground continuous wall was 13.2 mm. When the 
excavation reached working conditions IX and X, the lateral movements of the underground 
continuous wall at section AA were almost equal, which indicates that the internal forces of the 
underground continuous wall were redistributed to reach a stable and relatively balanced state with 
each envelope system. The lateral movement of the underground continuous wall in the x direction 
was 17.6 mm. 

Horizontal displacement of the underground continuous wall in the Y direction 

The cross-sectional position diagram of the horizontal displacement data point in the Y 
direction of the underground diaphragm wall is shown in Figure 8. 

Fig. 8 - The position of the cross section of the horizontal displacement data point in the Y 
direction of the underground diaphragm wall 

To obtain the deformation evolution mechanism of the horizontal underground diaphragm 
wall and to study the constraint of the horizontal wall of the end well of the foundation pit on the 
vertical underground diaphragm wall, the middle section is taken at the lateral wall on both sides, 
and the calculation results are shown in Figure 9.  
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Fig. 9 – Horizontal displacement of the underground diaphragm wall in the y direction 

When extracting the result, the fourth condition soil in the first section has been excavated 
to the design elevation at the bottom of the foundation pit, and the lateral movement of its 
underground continuous wall has stabilized, as shown in Figure 9 (a). The minimum lateral 
displacement of the underground continuous wall in section a-a is 14.3 mm. During the gradual 
excavation of the foundation pit, the lateral displacement of the underground continuous wall 
gradually increases due to the redistribution of the internal forces of the underground continuous 
wall and its supporting system. The maximum lateral shift value is 17.1 mm. During the excavation 
process, the shape of the lateral shift curve of section a-a did not change. For section b-b, since 
the excavation of the soil is from the original unexcavated state until the excavation reaches the 
base design elevation, during the entire excavation process, when the excavation depth of the 
foundation pit is small, the bottom of the underground continuous wall has a larger embedded 
stiffness, the lateral deformation of the foundation pit retaining structure is similar to that of the 
"cantilever beam", and the maximum lateral displacement mainly occurs at the top of the wall, at 
approximately 1.1 mm. With the increase in the excavation depth, the position of the maximum 
displacement of the underground continuous wall gradually moves down. When the foundation pit 
is excavated to the first concrete design elevation, the first concrete support did not reach the 
design strength during construction. The overall rigidity of the foundation pit did not improve. Thus, 
the top lateral deformation of the retaining wall of the underground continuous wall of the 
foundation pit is completely determined by the longitudinal (horizontal) relative stiffness of the wall. 
With the increase in the excavation depth, it can be seen that the lateral stiffness of the retaining 
structure of the foundation pit is significantly stronger than that of the longitudinal side. The relative 
restraint effect along the wall is related to the excavation depth. The larger the longitudinal 
dimension of the foundation pit, the closer the plane deformation of the foundation pit to the plane 
strain state. During the subsequent excavation process, the height of the maximum lateral 
deformation of the underground continuous wall gradually develops from the top of the 
underground continuous wall to the deep soil. When excavated to the design elevation of the 
bottom of the foundation pit, the maximum lateral deformation in the y direction is 16.8 mm. 

Analysis of on-site monitoring results of horizontal displacement of underground 
diaphragm wall 

In order to verify the rationality of the numerical simulation result, the horizontal 
displacement of the underground diaphragm wall during the on-site excavation of the deep 
foundation pit was monitored and analysed. Therefore, the representative a-a section of the short 
side direction and b-b section of the long side direction of the deep foundation pit are selected to 
analyse the on-site monitoring data of underground diaphragm wall, and the change law curves are 
draw, as shown in Figure 10. 
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Fig. 10 – On-site horizontal displacement of underground diaphragm wall 

In Figure 10, it can be seen that when the excavation depth of the foundation pit is small, 
the lateral displacement value of the underground diaphragm is small. The maximum horizontal 
displacement of the diaphragm wall in the deep layer gradually decreases with the increase of the 
excavation depth of the foundation pit. The maximum value appears near the excavation surface. 
The deep horizontal displacement of the diaphragm wall shows a “big belly” shape. When the 
foundation pit is excavated to the designed bottom elevation, the maximum side displacement of a-
a section of the short side about the foundation pit is 11.41 mm, the maximum side displacement of 
b-b section of the long side direction is 17.2 mm, and the side displacement of the long side of the
foundation pit is much larger than that of the short side. It indirectly indicates that during the
excavation of the foundation pit, the lateral displacement of the diaphragm wall mainly depends on
the relative restraint stiffness of the diaphragm wall in the vertical and horizontal directions of the
foundation pit.

Comparison and analysis of simulated result and on-site monitoring result 

By analysing and comparing the numerical simulation value curves (Figure 7 and Figure 9) 
with the on-site monitoring value curve (Figure 10), it can be easily seen that during the 
construction process, the displacement of the underground diaphragm wall is small; and the 
change law of lateral displacement of the two changes consistently with the increasement of 
excavation depth, both appears as “big belly-shaped”; at the same depth, the displacement value 
error of the two is small, which verifies that the simulation calculation results are credible and 
proves the rationality of the numerical test method; meanwhile, it reveals that the stepped 
excavation construction method can effectively control the displacement of the underground 
continuous wall. 

Grooved step construction control method 

 Combined with the previous studies of the research group, the overall layered foundation 
pit excavation method is adopted. When the foundation pit is excavated to the design elevation of 
the pit bottom, the maximum lateral displacement of the underground continuous wall is 28.5 mm, 
while the maximum lateral displacement of the underground continuous wall obtained by the 
stepped excavation construction method is 17.6 mm. Compared with the overall performance, the 
layered foundation pit excavation method reduces the maximum side shift by 38%. It can be 
concluded that during the excavation of the foundation pit, the stepped excavation of the groove is 
very effective in reducing the deformation of the foundation pit, and during the earthmoving 
process, the method of reserving steps on both sides of the foundation pit can be used for more 
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than just subsequent erection. The support provides a good working surface and plays a beneficial 
role in controlling the lateral deformation of the foundation pit retaining structure. In the actual 
design of the foundation pit enclosure structure, the stiffness of the underground diaphragm wall 
can be appropriately reduced, and construction cost can be achieved through strict control of the 
construction technology.  

CONCLUSIONS 

For the simulation method during the excavation of the foundation pit, in order to reduce the 
calculation, cost in the simulation process, the overall layered excavation method is generally 
adopted. In this paper, we take the actual subway foundation pit Jinfu station as an example, 
combined with the actual construction conditions on site, adopting the grooved stepped excavation 
method, the finite difference software FLAC 3D is used to simulate the excavation process of the 
foundation pit. The simulated result and on-site monitoring result are nearly the same, which 
verifies the rationality of finite element method. The specific conclusions are drawn as follows: 

1) During the excavation process, the larger the longitudinal dimension of the foundation pit,
the closer the deformation evolution mechanism of the underground diaphragm wall to the plane
strain problem. The grooved stepwise excavation method is adopted. As the excavation depth of
the foundation pit gradually increases, the position of the maximum lateral displacement of the
underground continuous wall gradually moves down and appears at the midpoint of the diagonal
excavation line and the lateral excavation. As the cross position of the step section moves closer to
the excavation section, the side shift becomes greater.

2) During the excavation of the foundation pit, the lateral constraint of the end well of the
foundation pit is significantly greater than the longitudinal constraint. The lateral displacement of its
retaining structure is mainly determined by the relative constraint stiffness ratio of the vertical and
horizontal underground diaphragm wall of the foundation pit. In the past, the foundation pit has
been simplified to consider the plane strain problem, which failed to correctly reflect the constraints
provided by the end well on the vertical underground diaphragm wall, and the design was too
conservative.

3) By comparing the simulated result and on-site monitoring result, it is found that the error
between them is small, and their displacement changing trend law is very similar, verifying the
reliability of simulation method.

4) The slotted stepwise layered excavation method can effectively reduce the lateral
movement of the underground continuous wall by 38% compared with the overall excavation
method. During the groove drawing process, the two side steps provide an effective working
surface for the erection of the support.
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ABSTRACT 

The research examined the appropriateness of sugarcane straw ash (SSA) as a modifier in 
lime stabilized lateritic soil with a view of improving the Geotechnical considerations of the soil 
structures. Elementary and Geotechnical investigations were performed on the lime stabilized soil 
samples and also when varying percentages of SSA were introduced. The elementary tests 
incorporated the moisture content, specific gravity, molecule size examination, and Atterberg's 
limits, while the Geotechnical were: compaction, California Bearing Ratio (CBR), and unconfined 
compression test. The lateritic samples were stabilized with 7% optimum of lime by weight, while 
SSA contents were gradually introduced at optimum lime up to 12.5% bulk of the soil. The addition 
of the SSA to the lime stabilized lateritic soil diminished the plastic indices from 25.09 to 21.98%, 
24.76 to 21.09% and 19.43 to 15.37%; increased the unsoaked CBR values from 6 to 12%, 6 to 
10% and 8 to 10 % and the unconfined compressive strengths from 88.10 to 126.13 kPa, 73.8 to 
114.1 kPa and 52.17 to 127.85 kPa for tests A, B and C respectively. Concluding, the expansion of 
sugarcane straw debris improved the Geotechnical considerations of the lime stabilized lateritic soil 
tests for structural works. 

KEYWORDS 

Lateritic soil, Lime-stabilized soil, Sugarcane Straw Ash (SSA) 

INTRODUCTION 

Stability of civil infrastructures such as buildings, highways, and so on requires that they are 
found on firm and strong soil strata.  However, it is not unusual to encounter on new sites, 
especially in the establishment of new built environment, soils that are not suitable for founding 
building and highway infrastructures. Removal of such soil and replacement with better soil from 
borrowing pit may prove expensive [1]. More often, it is more economical to employ one of the soil 
improvement methods on such soil, with a view to improving its Geotechnical properties before it is 
used as foundation material. The most widely recognized technique for soil improvement is soil 
sturdiness. Soil sturdiness includes the treatment of soils so as to improve their building properties 
with the end goal that they become progressively reasonable for development [2]. Although, many 
techniques of soil stabilization exist, a synthetic admixture adjustment which depends on the 
utilization of an admixture to change the compound properties of the soil to accomplish the ideal 
impact of improved Geotechnical performance has gained ascendancy in recent years. Notable 
materials that have been used or found by researchers to be suitable as a soil stabilizer includes: 
lime [3-7]; cement [8]; eggshell powder [9]; blast furnace slag [10]; fly ash [11]; marble dust [12]; 
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stone dust [13]; used lubrication oil [14]; sugar cane bagasse ash [15-17], rice husk ash [16], saw 
dust ash [18], ground nut ash [19] and sugar cane straw ash [20]. These materials are either used 
singly or in combination, and for different types of soil. The present work investigates the effects of 
sugarcane straw ash (SSA) on the Geotechnical considerations of lime-stabilized lateritic soil for 
structural works. Lateritic soils are the most abundant materials in Nigeria, and indeed all over the 
world, especially in humid tropical and subtropical zones [21] on which most civil infrastructures 
(roads, buildings, and so on) are founded. In its regular state, lateritic soils for the most parts have 
a low bearing limit and low quality because of high mud content. According to [22], the quality and 
steadiness of lateritic soils cannot be ensured under burden within the sight of dampness. 
According to [21], the difficulties encountered when laterites are used include: (i) poor compaction 
because of high dampness content, (ii) affect ability to vacillations in dampness, where quality 
might be fundamentally decreased with a slight increment in water substance, and (iii) genuine 
agglomeration and trouble in compaction in the field. It is along these lines basic, consequently, to 
improve the Geotechnical considerations of laterite to make it fit for founding civil engineering 
infrastructures. Some admixtures that have been found in stabilizing laterite include: banana leaf 
ash [22]; cassava peel ash [23]; lime-cement mix [24]; palm piece shell debris [19], saw dust debris 
[18], lime [21], groundnut husk ash [19]. Many of these admixtures are waste materials, and as 
such, their use in soil stabilization is an innovative solution to the problems associated with waste 
disposal. The present work investigates the possibility of using sugarcane straw ash as a 
stabilizing agent of lime-stabilized lateritic soil. Though [25] researched the impact of SSA on the 
Geotechnical considerations of concrete balanced out lateritic soil, where the results showed 
improved Geotechnical properties. Similarly, an investigation conducted by [5] on lateritic soil using 
lime-sugarcane bagasse (SB) yielded improved geotechnical properties of optimum lime-SB of 4:1. 
Also, [2] experimented with the possible use of SSA as a stabilizing agent for lateritic soil. 
However, literature is scarce on the use of lime and sugarcane straw ash (SSA) together as 
balancing out specialist. Along these lines, the point of this work is to evaluate the impact of SSA 
on the Geotechnical properties of lime-settled lateritic soil for structural works. 

RESEARCH QUESTION 

Lime is created by consuming limestone. It responds promptly on contact with water in the 
soil to frame slaked lime or calcium hydroxide (Ca(OH)2). This response produces heat and the pH 
esteem increments to roughly 12.5 [26]. It is a condition for the ensuing pozzolanic responses, in 
which mud particles in the soil respond with the calcium hydroxide to frame the quality improving 
response items. Knowing that sugarcane straw, from which the sugarcane ash (SSA) is derived, 
being a waste, presently has no value and also constitutes an environmental nuisance, will its 
presence enhance pozzolanic activities of lateritic soil, and thus becomes a valuable material? 
What will be the impacts of SSA on lime balanced out lateritic soil, in relation to the sustenance 
condition for pozzolanic response for improved Geotechnical properties? This is the fundamental 
research question about this investigation. 

METHODOLOGY 

The materials utilized in this investigation are, lateritic soil, hydrated lime, sugarcane straw 
ash, and portable water. The lateritic soil utilized was gathered from three distinct areas (tests A, B, 
C). The global positioning of the locations of tests A, B, and C are separately, 70 31' 02.51" N, 40 
30' 48.74" E; 70 31' 02.94" N, 40 30' 48.48" E; and 70 31' 04.70" N, 40 30' 46.01" E. The samples 
were kept dry inside jute bags marked to indicate description, area and date of examining. The 
different soil samples were spread independently for air drying, to permit incomplete disposal of 
characteristic water which may influence investigation. After the drying time frame, irregularities in 
the samples were somewhat pounded with negligible weight and from there on sieved with strainer 
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No. 4 (4.76mm opening) to get the last samples for the tests. Hydrated lime was used because it 
does not set by reaction with water like hydraulic lime. The hydrated lime was kept in a safe bag 
under room temperature to forestall any contact with dampness or potentially whatever other outer 
elements that can influence its property. The sugarcane straw was gathered from a sugarcane 
farm in Igboya Ile-Ife, Nigeria. The straws were spread out on the ground and air dried to 
encourage simple consuming. After air drying, the sugarcane straws were singed straightforwardly 
into debris and gathered in polythene sacks, put away under room temperature until utilized. The 
sugarcane straw ash (SSA) was sieved through the BS sifter 212 μm to get fine debris.  

Experimental investigations 

Both preliminary and Geotechnical tests were completed on the soil samples A, B and C. 
The preliminary tests did on soil samples were, moisture content, specific gravity, molecule size 
examination, and Atterberg's limits, while, the Geotechnical investigations were, compaction, 
California Bearing Ratio (CBR), and unconfined compression test. All these were done as per 
relevant universal standard systems as stipulated in [27]. All the soil samples were stabilized with 
optimum 7% lime by weight. The lime-stabilized samples were then treated with SSA in varying 
percentages of 6%, 8%, 10% and 12.5% bulk of soil samples, in order to determine the optimum 
prerequisite of SSA required for the modification of the different samples. At the point when the 
samples were stabilized with 7% lime, the Geotechnical properties were determined and these 
were utilized as a control against which the Geotechnical considerations of the lime stabilized soil 
changed with sugarcane straw ash (SSA) were compared.  

RESULTS AND DISCUSSION  

Preliminary results of the soil samples  

The results of the preliminary properties of the soil samples appear in Table 1. It can be 
observed in the Table 1 that soil samples A, B and C are delegated as A-7-6, A-7-5, and A-7-5 
separately.  
 

Tab. 1 - Preliminary results of soil tests 

Property Sample A Sample B Sample C 

Natural Moisture Content 8.49 12.63 10.55 

Specific Gravity 2.44 2.38 2.94 

AASHTO Arragement A-7-6 A-7-5 A-7-5 

Liquid Limit 73.88 65.95 60.40 

Plastic limit 27.27 33.72 30.83 

Plasticity Index 46.61 32.23 29.57 

Maximum Dry Density 
(kg/m3) 

1466 13881 1431 

Optimum Moisture 
Content (%) 

23.50 29.40 27.40 

CBR (%) 6 3 5 

UCS (kg/m2) 81.25 68.10 52.77 
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All the soil samples have their liquid limits more noteworthy than 41% and plasticity indices 
more prominent than 11%. As per the AASHTO table for classification, soils having a place with 
this class are viewed as reasonable for poor material and are not appropriate as subgrade 
material. Therefore, soil stabilization becomes very relevant. The poor quality of the samples is 
further reinforced by high liquid limit and plasticity indices, thus necessitating application of soil 
improvement measures, as per soils used for similar research work by [28-29]. 

Atterberg limits characteristics 

The Atterberg limits characteristics of lime-stabilized lateritic soil containing SSA are shown 
in Table 2. In relation to the Atterberg limit traits of the soil as shown in Table 1, it can be observed 
that the use of SSA caused a decrease in the plasticity record of the lime-balanced out lateritic soil 
at some points along the process.  

The watched decline of the plasticity record of soil tests with SSA upgrades its qualification 
for use as construction materials. According to [30] and [29] a decrease in P.I gives a sign of a 
progressively steady soil with checked expanded usefulness.  

Tab. 2 - Summary of Atterberg’s limits 

Samples 
Percentage 
SCSA (%) 

Liquid Limit, LL 
(%) 

Plastic Limit, PL 
(%) 

Plasticity Index, PI 
(%) 

A 0 67.63 42.54 25.09 

6 70.4 44.35 26.05 

8 66.59 44.61 21.98 

10 66.4 43.59 22.81 

12.50 66.60 41.30 25.30 

B 0 60.68 35.92 24.76 

6 62.8 38.26 24.54 

8 63.53 40.35 23.18 

10 63.93 42.15 21.78 

12.50 62.25 41.16 21.09 

C 0 60.35 40.92 19.43 

6 56.46 41.09 15.37 

8 59.5 40.73 18.77 

10 59.18 42.99 16.19 

12.50 56.62 40.27 16.35 

Results of the compaction tests 
The compaction qualities of the lime-stabilized soil modified with sugarcane straw ash 

(SSA) as far as characteristics, moisture content and the maximum dry density are presented in 
Figure 1. From Figure 1, all the samples dynamically display higher moisture content with 
expanding substance of SSA. The expansion in moisture content is presumably because of the 
extra water held inside the flocculated soil structure coming about because of lime cooperation for 
the pozzolanic responses to occur [28-29]. The extra water held in the muddled soil structure 
because of the permeable property of sugarcane straw ash which could likewise bring about higher 
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moisture content in the soils [3]. The figure additionally shows decreases in the maximum dry 
densities of the treated soils with expanding SSA. 

(a) Effect of SSA on the Optimum Moisture Content

(b) Effect of SSA on the Maximum Dry Density

Fig. 1 - Characteristics of Lime-stabilized Soil Modified by SSA 

The decrease in dry density is an impression of the expanded obstruction offered by the 
muddled soil structure to the compactive exertion [31]. Likewise, adding to the decrease in the dry 
density is the specific gravity of the sugarcane straw ash, which is lower than that of the normal soil 
tests, in this manner the less heavy and smaller particles fill the voids of the muddled soil network 
to give a less thick lattice [32]. According to [33], a reduction in dry density shows that a low 
compactive vitality is required than the regular soil to accomplish its greatest dry density and 
accordingly, the expense of compaction will be diminished. The compactive attributes of lime-
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stabilized soil modified with SSA of higher optimum moisture content and lower density can be 
used to reduce or eliminate volumetric changes in soil, caused by alternate wetting and drying [34]. 

GEOTECHNICAL CHARACTERISTICS 

CBR Test Results 

The CBR method, according to [18], is a solid handy method for finding the quality of the 
sub-level (bearing limit of soil) and assessing the necessary thickness of pavement to fulfil a given 
stacking. The consequences of the unsoaked CBR tests, suggested for tropical soil [1], to evaluate 
the bearing capacity of lime-stabilized lateritic soil containing SSA, are plotted and appeared in 
Figure 2. For all the samples, there is a typical pattern that can be observed, which is, increment in 
CBR values with SSA followed by decrease upon consistent expansion of SSA. An expansion in 
CBR esteem means that improved Geotechnical properties [1]. The expansion in the CBR 
estimation of the samples can be credited to improved conditions for pozzolanic exercises, by 
guaranteeing that the pH value is maintained at around 12.5 [26]. The pozzolanic activities will 
result in the strength-forming C-S-H gel hydration products. The CBR values of the normal soil 
tests are 6, 3 and 5% of tests A, B and C separately. The CBR estimations of 6, 6 and 8% were 
recorded on expansion of 7% lime to tests A, B and C individually.  

Fig. 2 - Effects of SSA on the Unsoaked CBR of the Tests Samples 

The highest CBR values of 12%, 10% and 10% were recorded at 8% SSA and 7% lime 
combinations of tests A, B and C individually. The expansion in CBR esteem after expansion of 
lime is most likely because of the development of different solidifying specialists due to pozzolanic 
response between the silica present in soil and lime. As indicated by [35], a CBR estimation of 7–
20 % is suggested for Highway sub-base and 0–7 % of the sub-level materials. It is obvious that 
the CBR values of lime-stabilized lateritic soil containing SSA up to 8%, can be used as highway 
subbase and subbase materials. 

Unconfined compression test 
The unconfined compression strength (UCS) test is the principle test prescribed for the 

assurance of the necessary measure of added substances to be utilized in modification of the soils 
[18]. The general guideline for a given kind of modification is that the higher the compressive 
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quality, the better is the nature of the settled material. The results of the unconfined compression 
tests on lime-stabilized lateritic soil samples containing SSA are shown in Figure 3. 

Fig. 3 - Effects of SSA on the Unconfined Compression Strength of the Soil Samples 

It may be very well seen from Figure 3 that the unconfined compressive quality, increased 
with the expansion of SSA up to 6% and then decreased for all the samples. It can be explained 
that beyond 6%, the necessary condition for pozzolanic activities, in lime-based medium, which is 
a pH of about 12.5 [26] is disrupted. However, comparing the numerical values of UCS obtained for 
the samples; the unconfined compressive strength of the natural soil samples rose respectively, for 
samples A, B and C from 81.25, 68.10 and 52.27 KN/m2 to 88.1, 73.18 and 52.37 KN/m2 when 
lime was added. The compressive strength further increased with the addition of SSA, but the 
optimum values at 6% were 126.13, 114.1 and 127.85 KPa respectively, for tests A, B and C. It is 
likewise notable that UCS is the principal determinant for consistency of soil [32]. Additionally, 
according to [33], the UCS esteems between 0-25 kN/m2 demonstrates exceptionally delicate soil, 
between 25-50 kN/m2 shows delicate soil, between 50-100 kN/m2 shows medium soil, between 
100-200 kN/m2 shows firm soil, between 200-400 kN/m2 shows extremely hardened soil and more
noteworthy than 400 kN/m2 demonstrates hard earth. It may be very well seen that the unconfined
compression quality of the samples A, B and C transformed from the underlying state medium
consistency to hardened consistency at 6% SSA and optimum lime stabilization.

CONCLUSIONS 

From the analysis of the results of this investigation, the following conclusions were made: 

1) The expansion of SSA in lime-settled lateritic soil brought about a decrease in plasticity
record at all levels for all the samples.
2) Introduction of SSA in lime-settled lateritic soil brought about increment in CBR values up to
a level. However, the peak values for CBR for all the samples occurred at 8% addition of SSA.
3) The overall results showed that, lime-stabilized lateritic soils containing SSA up to 8% by
weight of soil are able to sustain the conditions necessary for pozzolanic reaction for improved
Geotechnical properties.

The addition of SSA in lime-stabilized lateritic soil increased the UCS, but the optimum 
values for all the samples were obtained at 6% 



  Article no. 27 

THE CIVIL ENGINEERING JOURNAL 3-2020 

--------------------------------------------------------------------------------------------------------------- 

 DOI 10.14311/CEJ.2020.03.0027 313 

Though, optimum performances were obtained at 8% for CBR tests and 6% for UCS, by 
considering the lower bound principle, it can be concluded that 6% of SSA in lime-stabilized 
lateritic will results in optimum geotechnical performance of the soil. 
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ABSTRACT 

Constructing over expansive soils often severely damage the structure due to high swell-
shrinkage behaviour and loss of strength owing to fluctuating water content. Due to the above 
reasons construction on or using expansive soils is considered to be unsafe. The technique of 
such soil, improvement by installation of granular piles (also known as stone columns) is popular to 
marshy lands, marine clays, loose sand, silty or clayey sand, and compressible soils. Granular 
piles improve swelling properties of expansive soil. In the present study six expansive soils were 
used. The one of them was the naturally available black cotton soil and others were derived from it 
by mixing bentonite in different proportions. Test beds of these soils were prepared at different 
initial moisture contents and the granular pile of sand was installed in these beds by the method of 
removal. Besides initial moisture content, properties of expansive soils, the spacing between the 
piles (expressed by s/d ratio; s = spacing between the piles and d = diameter of a pile) and the 
relative density of granular pile forming material were the variables of the study. Multiple linear 
regression analysis on the test data has been performed and equations for predicting swelling 
pressure of soil bed without pile and inclusion with granular pile have been developed. 

KEYWORDS 

Granular pile; S/d ratio; Swelling pressure; Relative density of sand 

INTRODUCTION 

Expansive soil deposits occur in the arid and semi-arid region of the world and are 
problematic to engineering structures because of their tendency to heave during wet season and 
shrink during dry season [1-2,25]. Light structures such as highways, railroads, runways, and other 
lifeline structures, constructed over such soils often get severely damaged due to high swell-
shrinkage behaviour and loss of strength owing to fluctuating water content. Due to the above 
reasons construction on or using expansive soils is considered to be unsafe. The traditional 
techniques of ground improvement like lime stabilization, cement stabilization; fly ash stabilization, 
etc. have difficulty of mixing the stabilizer to the soil properly and are limited to treat the soil to 
shallow depth only. Ample examples are available which show failure of roads and embankments, 
boundary walls and uneven settlement of building floors and damage to lightly loaded structures 
founded on such soils. The annual cost of damage to structures, worldwide, due to construction on 
such soils is enormous [3-5]. Hence the search for developing a new technique for expansive soil 
improvement still remains alive and relevant.  

Now-a-days, granular pile/stone column (also known as stone column) is one of the soil 
stabilization technique used in expansive soil [6]. It is also used for improvement of loading bearing 
capacity in marshy lands, marine clays, loose sand, silty or clayey sand, and compressible soils [7-
16,33] and the rate of consolidation [17-20]. Unlike other soils, loss of strength is not the only 
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aspect, but swelling and shrinkage is another serious problem with expansive soils; hence effect of 
inclusion of granular piles on swelling behaviour of expansive soils reinforced with granular pile 
needs to be studied. 

In the present study, test beds of expansive soils were prepared at different initial moisture 
contents and the granular pile of sand was installed in these beds by the method of removal. 
Granular pile was constructed full length of mould. The initial moisture content, percentage fines, 
liquid limit, plasticity index and dry density are very important factors which affect the swelling 
pressure of expansive soils. The spacing between piles is generally expressed by s/d ratio, where, 
‘s’ is the spacing between piles and ‘d’ is the effective influence diameter of the granular pile as per 
unit cell concept [21]. Empirical models were developed for estimating swelling pressure exerted 
by expansive soils without and with granular pile.   

LITERATURE REVIEW 

Unit cell concept 

Granular piles should be installed preferably in an equilateral triangular pattern which gives 
the densest packing, although a square pattern may also be used. 

Fig.1- Typical granular piles arrangement (after IS 15284(Part-I): 2003[21]) 

Where, De = effective diameter and “s” is the spacing of granular piles. 

Estimation swelling pressure of expansive soils 

Regression models, for estimating swelling pressure of expansive soils were developed by 
many researchers, are shown in Table 1.  
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Tab.1 - Empirical relationships for estimating swelling pressure of expansive soils 

Investigators Empirical relationships Remarks 

[26] Log Ps = -2.132 + 0.0208LL + 0.000565 γd - 0.0269w Ps= kg/cm2, 
γd=kg/m3 

[27] Sp  = 3.5817 x 102 PI1.12 (C2/w2) + 3.7912 Ps=Psi 

[28] Ps= -227.27 + 2.14 w + 1.54LL + 72.49 γd Ps= N/cm2 
γd=g/cm3 

[29] Log Ps =-4.812 + 0.01405PI + 2.394 γd-0.0163 w 

Log Ps =-5.020 + 0.01383PI + 2.356 γd 

Ps= kg/cm2, 
γd=g/cm3 

[30] Sp  = 135 +2(C+PI –w ) Ps= kPa 

[31] Log Ps = 0.0276PI - 365.2118 γd
-2.4616 - 0.0320 w+ 2.2292 

Log Ps = 0.0239PI - 1285.3723 γd
 -3.2768 - 0.0396 + 2.3238 

Ps= kPa  γd= kN/m3 

[32] SP= 1.9319 S1.2897 SP ≤ 300 kPa, 

S= Swelling in percent, Sp/ Ps / SP= Swelling Pressure, LL= Liquid Limit (%), PI= Plasticity Index, 
γd= dry density of soil, w= water/moisture content, C= clay percent, 

Most of the test performed for measurement of swelling pressure of expansive soil by 
Oedometer test. There is no arrangement to construction of granular pile in oedometer test.   

In the present work, empirical models were developed for swelling pressure of test beds 
without pile and reinforced with granular pile. 

DATA COLLECTION 

The study has been conducted on six different expansive soils in which one was the natural 
black cotton soil and others were the mixture of black cotton soil with bentonite clay as presented 
in Table 2. 

Tab. 2 - Expansive soils used in the present work 

S.N. Soil samples Combination Type of Soil 

1 SS1 Black Cotton (BC) Soil Natural 

2 SS2 BC soil+ 10% Bentonite Prepared 

3 SS3 BC soil+ 20% Bentonite Prepared 

4 SS4 BC soil+ 30% Bentonite Prepared 

5 SS5 BC soil+ 40% Bentonite Prepared 

6 SS6 BC soil+ 50% Bentonite Prepared 

Liquid limit of these soils in range of 48-77%, plastic limit 22-36%, optimum moisture 
content 18-24%, and maximum dry density 15.4-14 kN/m3 were measured and procedure adopted 
to determination of these properties by IS 2720 (Part 5) [24], IS 2720 (Part 7) [23] respectively. The 
soils were classified as per IS: 1498-1970[22] and all were fall in CH i.e. clay of high plasticity and 
compressibility group. BC soil and bentonite both soils have expansive nature and check 
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performance of granular pile in worst ground condition. So both soils were mixed and made new 
soils. 

The beds of soils were prepared in cylindrical moulds of three different sizes as shown in 
Table 3. 

The consistency of the soils was varied by changing the initial moisture content (wi=15%, 
17% and 20%). In the present study, granular piles were installed in an equilateral triangular 
pattern as suggested by IS 15284(Part-I): 2003[21]. Piles of three different diameters were 
installed in moulds of different diameters so as to have variation in s/d ratio of 2, 3 and 4 as given 
in Table 3. 

Tab. 3 - Requirement of mould diameter for different s/d ratio 

Mould Designation s/d   ratio 
Pile diameter 

(mm) 
Mould diameter 

(mm) 
Mould Height 

(mm) 

M1 2 48 100 220 

M2 3 32 100 144 

M3 4 25 105 115 

Single pile was installed as full length of mould to reduce the swelling pressure of 
expansive soils. Constant volume method was adopted for determination of swelling pressure of 
expansive soils. Sand was used as the granular pile forming material. The piles were formed by 
filling sand at two relative densities 40% and 60%. For different combinations of pile-soil, and s/d 
ratio, total 108 composite specimens were prepared for swelling pressure determination. 
Corresponding to three moulds and at three different moisture contents, test beds of six soils 
without piles were also made for swelling pressure determination. Thus in total 162 swelling 
pressure tests were conducted. Swelling pressure of soils were estimated for basic soil parameters 
in case of unreinforced pile test beds, and pile parameters in case of granular pile reinforced clay 
beds. Summary of model tests conducted for determination of swelling pressure as shown in Table 
4. 

Tab. 4 - Summary of model tests conducted 

S.N. 
Test 
Series 

Parameter 
measured 

Initial 
Water 
Content 
(%) 

s/d 
ratio 

Granular Pile 
Diameter(mm)  

Dr 
of 
Sand 

No. of test conducted 

Without 
pile 

With 
pile 

Total 

1 TS1 
Swelling 
pressure 

15,17,20 2 48 
40% 

18 
18 

54 
60% 18 

2 TS2 
Swelling 
pressure 

15,17,20 3 32 
40% 

18 
18 

54 
60% 18 

3 TS3 
Swelling 
pressure 

15,17,20 4 25 
40% 

18 
18 

54 
60% 18 

Grand Total 54 108 162 



Article no. 28 

THE CIVIL ENGINEERING JOURNAL 3-2020 

--------------------------------------------------------------------------------------------------------------- 

 DOI 10.14311/CEJ.2020.03.0028 319 

The test results have been analysed using multivariate regression analysis for estimation of 
swelling pressure (SP in kN/m2) and validation of regression models through 20% data set. The 
basic soil parameters considered were percentage fines (F), liquid limit (LL in %), plasticity index 
(PI), initial water content (wi in %), dry density (γd, in kN/m3) and pile related parameters were s/d 

ratio () and relative density of sand (Dr, in kN/m3). 

ESTIMATION OF SWELLING PRESSURE OF EXPANSIVE SOILS 

In order to estimate swelling pressure (SP) of expansive soils reinforced with granular pile, 
multivariate regression analysis (MRA) has been performed on the test data. Swelling pressure of 
a soil depends on clay content, initial moisture content, density of the soil and the type of mineral 
present in the soil. Further, in case of an expansive soil reinforced with granular pile, the pile 
characteristics such as Dr of the pile material, s/d ratio will also affect these properties. Hence MRA 
model for swelling pressure of soil bed without pile and with pile has been developed by taking 
following basic parameters as input. 

(i) Soil bed without pile: Input parameters taken were percentage fines (F), liquid limit, (LL),

plasticity index (PI), initial water content (wi), and the dry density of the clay soil (d). For different
combinations of input parameters four equations have been developed and listed in Table 5. The
performance parameters namely coefficient of correlation (R2), root mean square error (RMSE)
and mean absolute error (MAE) have been determined and listed in Table 6.

Tab. 5 - Regression models for swelling pressure of soil bed without granular pile 

S.N. Equation 

(1) SP = 82.87+ 1.358 LL -4.802 wi

(2) SP =4702.684 -41.328F -1.428LL + 3.018PI -39.135γd

(3) SP  = 1972.077 -19.523F +1.993LL -0.303PI -4.802wi

(4) SP =2140.064 -20.854F +1.784LL-0.100 PI -4.583wi-2.389γd

Tab. 6 - Performance parameters for swelling pressure of soil bed without granular pile 

Equation No. R2 RMSE MAE 

(1) 0.710 11.380 7.781 

(2) 0.669 12.145 8.789 

(3) 0.722 11.139 7.691 

(4) 0.722 11.135 7.696 

(ii) Soil bed with pile: In the case of test beds reinforced with granular pile, besides F, LL, PI,

wi and γd  of the clay soil, the relative density of granular fill material, Dr and s/d ratio () were also
taken as input parameters. The developed equations, for different combinations of input
parameters by MRA analysis, are shown in Table 7 and their performance parameters are given in
Table 8.
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Tab. 7 - Regression models for swelling pressure of soil bed with granular pile 

S.N. Equation 

(5) SP =1612.817-9.691F-1.657LL+1.628PI -30.890γd +6.444-82.963Dr

(6) SP = -971.806 + 11.939F+0.393LL-3.586wi +6.444-82.963Dr 

(7) SP = -546.056 +7.519F +1.042LL-0.99PI - 3.586wi+6.444-82.963Dr 

(8) SP = 21.466+3.021F+0.336LL-0.307PI-8.071γd -2.846wi+6.444- 82.963 Dr 

Tab. 8 - Performance parameters for swelling pressure of soil bed with granular pile 

Equation No. R2 RMSE MAE 

(5) 0.892 4.073 3.396 

(6) 0.933 3.211 2.529 

(7) 0.945 2.890 2.280 

(8) 0.951 2.742 2.237 

From above mentioned regression models, it is found that equation (4), the incorporate 
parameters are  percentage fines (F), liquid limit, (LL), plasticity index (PI), initial water content wi, 

and the dry density of the clay soil (d), gives the best correlation for estimation of swelling 
pressure (SP) of the plain soil, shown in Figure 2(a). 

(a)  

Fig.2 - Relationship between measured and predicted swelling pressure for (a) without pile and  
(b) with pile
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(b) 

Fig.2 - Relationship between measured and predicted swelling pressure for (a) without pile; and 
(b) with pile

In case of expansive soil reinforced with granular pile, equation (8) estimate swelling 
pressure with high R2= 0.951, and low RMSE=2.742, MAE= 2.237, shown in Fig. 2(b). 

Therefore, Equation (4) and (8) may be used to estimate swelling pressure of soil alone and 
that reinforced with granular pile. 

CONCLUSIONS 

Six expansive soils having variation in liquid limit and plasticity index and expansiveness 
have been taken in the present study. These soils were prepared for installation of a pile for 
different combinations of s/d ratio, Dr   of pile material and initial moisture content, wi for the soils. 
The test data has been analysed and models for predicting swelling pressure of soils unreinforced 
and reinforced with granular material (pile) have been developed. Based on the analysis following 
conclusions are drawn: 

1. Granular pile technique is promising technique for reducing the swelling pressure of expansive
soil and it may install successfully at any season.

2. Regression equations that have high R2, least RMSE and MAE values are:

(i)For test beds without pile

SP =2140.064 -20.854F +1.784LL-0.100 PI -4.583wi-2.389γd 

R2 =0.722, RMSE=11.135, MAE=7.696 

(ii)For test beds without pile

SP = 21.466+3.021F+0.336LL-0.307PI-8.071γd -2.846wi +6.444- 82.963 Dr 

R2 =0.951, RMSE=2.742, MAE=2.237 
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ABSTRACT 

Natural soil in engineering practices is not always considered to bear loads of above 
structures. In such a way, it is necessary to improve the quality of the soil before any constructions. 
Tanks are the structures that apply significant load to the beneath soil and they are usually 
constructed with circular foundations in shape. Seismic loads can apply irremediable damages to 
the structures and sometimes tanks are the highly important infrastructures during earthquakes. 
One of the most techniques that has been recently widely used on soft deposits and loose fine-
grained soils is stone columns or singular piles. The stone columns increase the strength of loose 
soils and also decrease settlements induced by applying the loads. In this study, a linear numerical 
model of the structure-foundation-soil-stone column was simulated using the ABAQUS. Results 
show that with the increase of the length of stone columns a decrease in settlement occurred, 
while the increase of length more than a specific threshold had no significant effect to decrease the 
uplift and settlement. 

KEYWORDS 

Circular foundation, Acceleration, Stone column, Settlement, Uplift 

INTRODUCTION 

One of the existing structures in oil and petrochemical industries that can have economic 
and environmental catastrophes is steel tanks. Increasing use of firing, toxic and dangerous 
materials which cause the environment pollution and also waste resources is an example of 
unreplaceable and destruction of structures. Steel tanks located on soils can be constructed in two 
ways of braced and unbraced. The braced tanks are linked to their foundation using piles and 
anchors. In unbraced tanks, there is no linkage between the tank wall and its foundation. [1] 

Primary seismic analysis investigations were introduced by Sivý et al. They proposed that 
foundation and tank wall are rigid [2]. During a drastic earthquake in Alaska in 1964, extreme 
damages to fluid tanks occurred. These damages were arising from lack of consideration of any 
flexibility for the tank wall in the design process. Ozdemir et al. analysed the problem of fluid-
structure interaction by numerical methods and finally introduced a simple model in which the 
effect of flexibility of tank wall had considered [3]. Estekanchi and Alembagheri published an article 
in which the effect of higher turbulence mode contributions had been considered [4]. 

Ormeño et al. studied static uplift of steel tanks and concluded that the important resistant 
element against uplift is tank under sheet [5]. 

Malhorta et al. analysed the resistance of semi-infinite beam on a rigid bed against uplift [6]. 
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Brown and Mikle also introduced a method of quasi-static simulation on nonlinear uplift of 
unbraced tank sheet based on results of the tank sheet uplift model. A simple method for analysing 
of cylindrical unbraced tanks' uplift was also developed [7]. 

One of the most techniques that has been recently widely used on soft deposits and loose 
fine-grained soils is stone columns or singular piles. These stone columns cause an increase in 
strength of loose soils and also decrease settlements induced by loadings [8]. 

Nowadays, stone columns are widely used to decrease the settlements of tanks. Stone 
columns were first used in 1830 in France and after 1950 they are widely used in many other 
countries [9]. 

In Iran, stone columns were used firstly with compaction method and since 1383 (Persian 
Calendar) vibrating methods were imported to create this kind of soil improvement technique. 
Laboratory investigations have been conducted on the use of lime and fly ash columns to increase 
the bearing capacity and also decrease settlements of clays [10]. 

Laboratory results showed that singular stone columns failed at top parts of the column due 
to bulging phenomenon. Based on the test results of single stone columns, it was concluded that 
every single column in columns group can deform independently and then failure. In other words, 
in this method, the effect of columns on adjacent ones is not considered [11]. Many laboratory and 
numerical investigations showed that it is not true to design and analysis of group stone columns 
without considering the effect of adjacent columns on each other [12-15]. In this research, 
numerical simulation is run to evaluate the effects of length and diameter of stone columns and 
settlement. Moreover, the sliding of the tank in different modes has been considered. 

METHODS 

The simulated geometry of the tank and its beneath soil using ABAQUS has been shown in 
Figure 1. The simulated geometry dimensions are 100 m of width, 100 m of length and 30 m of 
depth. Figure 2 shows the applied acceleration within the soil. The maximum acceleration of the 
applied earthquake occurs in the first 10 seconds. Soil strength parameters and steel tank 
dimensions are presented in Table 1. Table 2 presents the linear constitutive properties of material 
of the cylindrical steel tank. The thickness of the steel tank wall, t = 0.004 × R is performed as 
suggested by Jadhav and Jangid [16]. The dimensions of the circular footing of steel tank were 
selected with a height/radius ratio of 0.66 (H/R=0.66) that settled on the soil. In this study, the 
height and radius of the cylindrical tank footing were selected as 2 m and 3 m, respectively. 
Relatively fine mesh is used near the surface while a coarser mesh grid was used for farther 
distance from the centre of the foundation. Stone column and soil were modelled as the perfectly-
elastic plastic using the Drucker-Prager model. The boundary conditions were chosen such that 
the horizontal displacement of the boundary is restricted in all directions, while vertical boundaries 
are restricted horizontally and free to move in the vertical direction. The acceleration boundary 
condition is applied at the bottom of the model. The acceleration time history of the earthquake is 
applied as a base excitation input to the steel tank along x- and y-axis. The base is fixed to a rigid 
foundation and is assumed to be excited by ground acceleration. The tank wall is modelled using 
three-node triangular and four-node quadrilateral shell elements, S3R and S4R, respectively. The 
analysis was performed under displacement controlled method. The model with boundary is used 
to include deformable foundation effects as a linear elastic soil medium. The Newmark's step-by-
step method [17] assuming linear variation of acceleration over a small time interval is chosen for 
evaluating the response of the system. The tank and stone columns materials are assumed to be 
linear elastic. The soil medium is modelled as an isotropic elastic space. Provided the assumption 
is made that the base of the tank is rigidly attached to the foundation thereby linear elastic 
behaviour was carried out to determine its response. 

The applied acceleration record below the tank is one of the El Centro earthquake data 
recorded in 1940 with a maximum peak of 0.5g. A surcharge (75 kPa) pressure was applied on the 
soil to simulate the loads from the steel tank. Additionally, analyses were carried out under static 
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loading in order to evaluate the effects of the stone column on settlements of stone column 
subjected to such loading. 

Fig. 1 - Simulated soil and tank 

Fig. 2 - Applied earthquake acceleration beneath of the tank 

Tab. 1 - Properties of soil 
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Tab. 2 - Parameters of cylindrical tank 

Material 

Module of 

elasticity 

(E) 

(kPa) 

Poisson's 

ratio (𝝊) 

Unit 

weight (𝜸) 

(kg/m3) 

Height 

(m) 
Radius 

(m) 

Wall 

thickness 

(m) 

Cylindrical tank Steel 2e8 0.3 7900 21 14 0.056 

RESULTS 

As shown in Figure 3, in the beginning, the tank was located on the soil with no stone 
column and also the amounts of uplift, settlement, slide and recorded accelerate is impressible for 
the tank on the soil without any improvement. After evaluation of the improved soil with the tank, it 
was observed that the vertical settlement of soil decreased due to the reinforcing effect of stone 
columns. Figures 4, 5 and 6 are related to settlement and uplift of the tank foundation and stone 
columns with the lengths of 8, 10 and 12 m and diameters of 0.4, 0.8 and 1.2 m. With the increase 
of the column's length, the more area of the soil was affected and simultaneously the improved soil 
showed more strength to the applied stress during the loading process. 

(a) Settlements (b) Sliding

(c) Acceleration

Fig. 3 - Settlement (a), Sliding (b) and acceleration (c) of the tank without stone column 
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(a) 0.4 m (b) 0.8 m

(c) 1.2 m
Fig. 4 - Settlements of 8 m length column with varying diameters 
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(c) 1.2 m

Fig. 5 - Settlement of 10 m length column with varying diameters 

It is noticeable that in the present study, the centre to centre distance between all columns 
is 2 meters and also as it can be noticed that with the increase of the column's length, the 
settlement and uplift decrease. For instance, in a column with a diameter of 0.8 m and centre-to-
centre distance of 2 m, with the increase of the column's length from 8 m to 10 m and then 12 m, 
the induced settlements decrease of about 7.7 % and 8.3 %, respectively. It is considered that with 
a constant diameter and centre-to-centre length, the further increase of the length after 8 m, would 
not have any significant effect on the settlement. Thus, the effect of centre-to-centre and the 
column's diameter up to a threshold length is more important. 

As it can arise from the charts, the amounts of uplift and settlement significantly decreased 
with the improvement of the soil beneath the tank using stone columns. Furthermore, with the 
increase of the diameter of the columns from 0.4 m to 0.8 m, there is a significant decrease in uplift 
and settlement. Also, with the increase of the diameter of the columns from 0.8 m to 1.2 m, the 
amounts of uplift and settlement decreased but these decreases were more when the diameter 
was changed from 0.8 m to 1.2 m. Hence, the use of stone columns with 1.2 m in diameter does 
not seem to cost economically. 

In terms of settlements, the use of stone columns has a significant effect on the decrease of 
the settlements of the tank. As shown in Figure 6, in the exact location of the tank, there are fewer 
settlements than other areas. This can be justified that by using the stone columns the settlements 
decreased. 

According to uplift results from Figure 7, the settlements of the tank decreased using stone 
columns. Thus, it is the best way to reduce damages from earthquakes by using improvement 
techniques. 
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Fig. 6 - Vertical displacements of the foundation of tank using stone columns 
 

Fig. 7 - settlements of the foundation of tank using stone columns 

Fig. 8 - Settlements of the foundation of tank without using stone columns 
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CONCLUSION 

The following results are derived from the numerical simulation of the tanks with and 
without stone columns to decrease the amounts of uplift, settlement and in consequence increase 
in bearing capacity of them: 

• Increase of the length of the columns caused a reduction of settlement. This conclusion is
obviously clear in the presented results. In a model with a stone column that has 0.8 m diameter
and 2 m centre-to-centre distance, there was a 46% reduction in settlement compared with the
model without any stone column. With the increase of the length of the columns from 8 m to 10 m
and 12 m, a reduction of 62% and 64% was observed, respectively.

• The study of the diameter of the columns in settlement of the tank is an item which was
evaluated in the present study. In soil with a stone column with a diameter of 0.8 m, the increase of
the column's length from 0.4 m to 0.8 m, caused a 38% reduction in settlement and with the more
increase of the diameter from 0.8 m to 1.2 m, only a 15% reduction were observed. The rate of this
reduction with the increase of the diameter from 0.8 m to 1.2 m was less significant.
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ABSTRACT 

In recent years, the durability of concrete has been the subject of a few research projects 
carried out by several scientific and technical centres. As a major cause of concrete degradation 
around the world, reinforcing steel corrosion requires our full attention. This article analyses one of 
the phenomena at the origin of these disorders, namely the carbonation of concrete, and proposes 
some provisions to guard against it. The article is divided into two parts; the first describes the 
causes and consequences of the chemical process of carbonation as well as the means to protect 
it. The second deals with the influence factors on carbonation such as the minimum cement 
dosage, the type of cement, the water-cement ratio (W/C) and the reinforcement coating. Indeed, 
prismatic specimens (15 x 15 x 60 cm3) and cubic specimens (15 x 15 x 15 cm3) were made for 
different mixtures and with a W/C ratio of 0.50, 0.55 and 0.60. The prismatic specimens were 
subjected to a carbonation test, while the cubic specimens were used to determine the 
compressive strength, the corresponding density and the immersion water absorption. 
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INTRODUCTION 

Concrete exposed to the air is subjected to an aging process that results from the reaction 
of carbon dioxide (CO2) in the air with the alkaline constituents of the material. This reaction is 
called carbonation. 

The carbonation of concrete is an inseparable phenomenon of this building material. During 
the lifetime of the structure, the carbon dioxide in the atmosphere enters the concrete from the 
surface of the material. A young concrete has a high pH which is around 12 to 13. This alkalinity 
leads to the formation, at the periphery of the reinforcements, of an almost impenetrable layer of 
iron hydroxides insulating the steel and stopping the process of corrosion. We talk about 
passivation of steel. During the life of the structure, the confrontation of concrete under the action 
of chemical environments such as sulfate reactions, alkaline reaction and carbonation can cause 
their degradation [1-3]. The concrete traps carbon dioxide at the level of 10 to 15% of the CO2 
emitted during the decarbonation of the limestone necessary for the manufacture of the cement. 
During the twentieth century, engineers learned to master certain problematic consequences of the 
carbonation phenomenon. At the end of the life of the structure, this time carbonation can be 
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exploited to fix CO2 in the hardened cement paste of a demolition concrete. Recent results show 
that it is then possible to adjust up to 50 to 60% of additional CO2. Moreover, this carbonation is 
particularly favourable for improving the quality of the recycled granulate from the demolition 
concrete, thus facilitating its reuse. 

Unlike the harmful consequences of carbonation on the durability of concrete structures, 
carbonation is rather a beneficial phenomenon from the point of view of the concrete material itself. 
It is indeed to recognize that the carbonation of cement matrices based on CEM I type cement is 
achieved with a mass gain corresponding to the fixation of CO2 in the hydrates. The fact that the 
molar volume of the calcium carbonate formed is greater than that of the hydrates leads to 
clogging of the microstructure which makes the concrete less permeable to aggressive agents (in 
this case CO2 and O2 gases, but also sulphate ions, chlorides, and more generally, aggressive 
waters such as seawater, selenite or magnesian waters, ...). 

It has even been shown that carbonation makes it possible to increase the mechanical 
resistance of concrete and to make the material more chemically stable vis-à-vis swelling reactions 
(internal or external sulfatic reaction, alkali-aggregate reaction). On the other hand, the modulus of 
rigidity or modulus of elasticity is increased, which is not always perceived as an advantage 
because this can lead to embrittlement of thin parts and to a heterogeneity of resistance and 
shrinkage in the case of coatings of partially carbonated facades where surface cracks can be 
observed which stop at the level of the non-carbonate internal zone. 

A lot of research has been done to find out the influence of the W/C ratio on the carbonation 
rate. Papadakis et al. [4] show that the depth of carbonation is doubled when the W/C ratio goes 
from 0.5 to 0.8. The study by Loo et al. [5] focused on the influence of the W/C ratio and the 
cement content. Their results have led to consider that the most important parameter is the W/C 
ratio and that the cement content remains by comparison insignificant. 

Taylor et al. [6] observed a decrease in carbonate thicknesses when the cement content 
increases. Two concomitant explanations for the decrease in the rate of carbonation are noted in 
the literature [6,7]: 

 On the one hand, the quantity of lime to carbonate per unit of volume increases with the
dosage of cement. The carbonation time is then longer, the carbonation speed decreases.
Note that the amplitude and depth of carbonation also decreases.

 On the other hand, the compactness of the material tends to increase with the dosage of
cement. The decrease in the amount of mixing water, induced by a higher dosage of
cement, reduces the porosity of the cement, thus slowing the penetration of CO2 into the
porous network. Consequently, the carbonation rate decreases.

Muller and Sickert [8] compared the carbonation resistance of concretes made from
ordinary Portland cement or cement based on blast furnace slag. They have shown that cement 
mixes based on blast furnace slag carbonate much faster than Portland cement mixes for an 
identical W/C ratio. Their study has also shown that only cement concretes based on blast furnace 
slag are carbonated. 

Kobayashi and Uno [9] studied the carbonation rate of concretes made with cements with 
different alkaline contents. Their results from accelerated carbonation and natural carbonation tests 
have shown that an increase in the alkali content leads to greater carbonation of the concrete. 
These authors also studied the influence of the alkali content at different W/C ratios; they showed 
that an increase of 0.6% in alkali is equivalent, from the point of view of carbonation, to an increase 
in W/C ratio of 0.10. 

Loo et al. [5] have shown that the carbonation rate decreases with the duration of an 
underwater cure regardless of the compressive strength of the concrete at 28 days. They noted 
that after 14 days of treatment, the improvement is less. They also carried the carbonation 
coefficient as a function of the inverse of the square root of the compressive strength. They found 
that the points line up on the same straight line whatever the duration of the cure, which means 
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that the improvement in resistance due to the cure is the preponderant factor responsible for the 
reduction in the carbonation rate. 

Fattuhi [10] studied the improvement brought by a cure of concrete under water. The results 
of the accelerated carbonation tests have shown that concretes subjected to a cure in water of 1, 
3, 5, 7 and 28 days respectively have a carbonation rate of 66, 63, 42, 39 and 17% compared to a 
cure performed in the air. 

Gruyaert et al. [11] have shown that a curing period longer than 1 month significantly 
improves the durability properties of slag cements. The effect of the cure is more appreciable for a 
slag cement because of its slower hydration kinetics [12,13]. However, for treatment duration of 
more than 3 months, the resistance to carbonation is no longer significantly modified. Furthermore, 
it seems that increasing the curing period does not have the same effect in the case of Portland 
cement or in the case of a composite cement [14]. The results of Lo and Lee [15] also tend towards 
this result. According to several authors [14,16], the effect of the cure on carbonation is minimal 
compared to the effect of the nature of the cement. 

The carbonation of concrete is also correlated with other parameters such as mineral 
addition. Skenderovic [17] has shown that replacing part of the cement (10%) with silica fumes 
increases the rate of natural carbonation of the concrete although the porosity is considerably 
reduced. He explained this phenomenon by the lower quality of portlandite in concretes with silica 
fumes. In the study by Richardson et al. [18], the authors have shown that the addition of scilice 
fumes limits the depth of carbonation of the concrete. These contradictory results require further 
investigation to assess these additions under similar conditions of W/C ratio and curing of concrete 
samples. 

For the addition of furnace slag, Skenderovic [17] and Malami et al. [19] have not obtained 
any significant change in the carbonation rate for cement replacements up to 30% and 15% 
respectively. They observed a significant increase in carbonation only for the replacement of 50% 
of the cement by slag. 

Papadakis et al. [4] studied the influence of fly ash on the depth of carbonation of concrete. 
The results of their analysis have been very marked when we exceed 15%. The replacement of 
aggregates with fly ash has an opposite effect but with a lesser tendency. 

The main objective of this experimental study is to describe the causes and consequences 
of the chemical process of carbonation as well as the means to protect it. The influence of certain 
parameters on carbonation such as the minimum cement dosage, the type of cement, the water-
cement ratio (W/C) and the reinforcement coating has also been studied. 

CARBONATION AND CORROSION 

Carbonation process 

Carbon dioxide is diluted in the water contained in the porous structure of the concrete. This 
reaction allows the calcium hydroxide to dilute in turn in the interstitial water, to react with the CO2 
and to precipitate in the form of calcium carbonate, which lowers the pH of it to a value close to 9 
[20-22]. Carbonation of hydrated calcium silicates (C-S-H) is also possible. The reaction is 
represented chemically as follows:  

CO2 + Ca(OH)2 + H2O  CaCO3 + 2H2O  (1) 

The carbonation of C-S-H, which contributes significantly to the fixation of CO2 in the cement 
matrix, is responsible for important changes in the microstructure (Figure 1). 
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 (a)  (b) 

Fig. 1- Portlandite crystal observed under a scanning electron microscope (SEM). (a): Non-
carbonated portlandite crystal; (b): Portlandite crystal in the process of carbonation. 

Generally, corrosion of reinforcement begins with the drop in pH. At this stage, we notice a 
loss of passivity of the concrete against corrosion of the reinforcements. Table 1 gives the effect of 
pH drop on the state of corrosion of reinforcements 

Tab. 1 - Effect of pH drop on the state of corrosion of reinforcements [23] 
pH of concrete State of reinforcement corrosion 

< 9.5 Commencement of steel corrosion 
8.0 Passive film on the steel surface disappears 

< 7.0 Catastrophic corrosion occurs 

For most concretes, the precipitation of calcium carbonate (CaCO3) results in an 
improvement in the compactness of the structure and a slight increase in compressive strength. In 
reinforced concrete, however, this reaction may lead to degradation due to corrosion of 
reinforcement. Over time, the carbonation front, which is the demarcation between the carbonate 
zone of the concrete and the intact zone, progresses more and more deeply in the structure 
(Figure 2). 

Fig. 2 - Progression of carbonation in concrete 

However, the rate of carbonation decreases with time, since CO2 must penetrate ever 
further into the concrete and the pores are clogged with calcium carbonate. The approximate depth 
of carbonation can be calculated using the following formula: 

1

2
CD K .(t) (2)
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Where, D is the carbonation depth (mm), KC is the carbonation coefficient, a function of the quality 
of the concrete and its exposure [mm/(years)1/2], t is the age of concrete (years). 

The carbonation coefficient KC gives an indication of the concrete's resistance to 
carbonation; it depends on the composition of the latter, the cure achieved and the exposure of the 
structure. In a concrete exposed to a specific medium, the higher the coefficient, the faster 
carbonation will be and therefore the lower the resistance to the phenomenon. 
As soon as the carbonation front reaches the reinforcement, the pH decreases in the area of the 
concrete located on the periphery of the steel, the passivation layer is destabilized, dissolves and 
its protective action disappears. If the structure also contains water and oxygen, the reinforcements 
will begin to rust. The corrosion products formed will occupy a volume several times greater than 
that of steel, which will lead to cracking and crumbling of the concrete. 

In general, it is found that the corrosion of the reinforcements induced by carbonation 
affects the elements more or less uniformly over long distances (generalized corrosion). It is also 
reported that the resistivity decreases and corrosion rate increases with an increase in the chloride 
content [24]. In fact, the modification of the chloride content causes a slight variation in the pH 
value. Table 2 describes the level of corrosion of reinforcement as a function of the chloride 
content in the concrete. 

Tab. 2 – Level of corrosion in concrete containing chlorides [25] 

Chloride content 
Condition of concrete adjacent to 

reinforcement 
Level of corrosion 

Less than 0.4% Carbonated High 
Uncarbonated, made with cement containing 

less than 8% C3A 
Moderate 

Uncarbonated, made with cement containing 
8% or more C3A 

Low 

0.4% - 1.0% As above High 
As above High 
As above Moderate 

More than 1.0% All cases High 

Measurement of concrete carbonation depth 
The phenolphthalein method was used to measure the depth of carbonation according to 

BS EN 14630 [26]. Phenolphthalein is a coloured indicator used to estimate the pH in weak acid or 
strong base assays. It changes colour depending on the pH value of the solution. When the 
concrete is not carbonated, the phenolphthalein becomes red and it remains colourless in the case 
of carbonated concrete.  

 (a)  (b) 

Fig. 3 -  PhenolphthaleinTest. (a): Phenolphthalein indicator; (b): Carbonated and non-carbonated 
concrete 
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The steps of the phenolphthalein test are as follows: (Figure 3): 
 Break a relatively large surface or a concrete core in the lengthwise;
 Apply the phenolphthalein indicator solution to the surface to be tested. It is advisable to

apply a light mist of water on the broken surface in the case of very dry concrete;
 Measure with a graduated ruler the distance between the edge of the red-purple coloured

area and the exterior surface of the concrete and deduce the average depth of carbonation.
According to some authors [27-29], environmental conditions and exposure conditions influence 
the phenomenon of carbonation of concrete. 

This procedure requires fairly large samples. To limit the damage due to sampling, another 
measurement method is used; this consists of drilling small holes 6 to 8 mm in diameter into the 
concrete and collecting the drilling powder on a sheet impregnated with phenolphthalein. In the 
case of a concrete slab, the powder can be sprinkled regularly with phenolphthalein. As soon as 
the drilling reaches the healthy concrete, the powder changes colour. The depth of the drilling then 
corresponds approximately to the depth of carbonation. The measurement should be made at least 
three times in each area examined to reduce the influence of local phenomena such as the 
presence of aggregates. It must also be taken into account that the depth of carbonation can be 
higher in cracks and angles. 

Parameters influence carbonation kinetics 
There are many models of carbonation that translate, more or less directly, the 

physicochemical resistance of concrete against the penetration of the carbonation front. 
The parameters used relate to: 

 The porosity of the concrete which conditions the "physical" resistance of the material to the
diffusion of CO2;

 The content of carbonatable hydrates: the higher it is, the more the concrete is able to
"chemically" slow down the penetration of the carbonation front;

 The microstructure of the material (pore size) on which depends the hydrous state of the
material which will condition the kinetics of penetration of the phenomenon. It is then
essentially the liquid water permeability of the material that will be an indicator of relevant
durability.

These models generally result in a slow evolution in the square root of the time of the
carbonation depth. To fix ideas, with ordinary concrete preserved in an environment whose relative 
humidity is between 50 and 70%, the carbonation depth is 5 mm after one year, 10 mm after 4 
years and 25 mm after 25 years. 

The mechanism of concrete carbonation is affected by several internal and external factors. 
The Internal factors are cement type and content [27], curing conditions and curing time [30] and 
water cement ratio. The external factors are the relative humidity [31-33], sheltering, rain, CO2 
concentration and temperature [33,34]. 

Carbonation can also be the cause of disorders in the facade coatings generally 
corresponding to high-fat mortars (Ca(OH)2) partially carbonated. 
The acidification of the medium that results from the attack of CO2 can be at the origin of the 
development of microorganisms (lichens, mosses, algae, etc.) that do not grow in a strongly basic 
medium. These microorganisms are at the origin of unsightly stains. It is possible to temporarily 
remove these traces by washing the wall with diluted bleach or using a suitable fungicide product. 

METHODS AND MATERIAL 

Principle  

The fundamental element that controls the carbonation of concrete is the diffusion of CO2 
through the hardened cement paste. This is why the requirements impose limit values for the 
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water-cement ratio (maximum) and the cement (minimum) dosage. Exposure of concrete (moisture 
content) has an influence on the carbonation rate. 

The purpose of this work is to determine the influence of various parameters on the 
concrete's resistance to carbonation. The parameters studied were: 

 The type of cement;
 The cure of concrete;
 The water-cement ratio (W/C);
 The cement dosage.

In the absence of a standard test procedure, a method has been developed to characterize
the concrete's resistance to carbonation and to examine the influence of the above parameters. 
This test method is deliberately simple in nature so that it can be used both for testing site samples 
and for testing as part of a certification. 

Test method 

The concretes used in the research were composed of calcareous aggregates, the 
dimensions of which were distributed in accordance with standard NF EN 480-1 [35].  
Different types of cement were used (CEMI 32.5N, CEMI 42.5N and CEMII A-L 32.5N) in 
conformity with Tunisian Standard NT 47.01 and European standard EN 197-1:2000 produced by 
the Cement Company of BIZERTE. Table 3 shows the chemical composition and compressive 
strength at 28 days of cement. 

Tab.3 - Chemical composition and properties of cement 

Chemical composition 

Type of cement 

CEMI 32.5N 
(%) 

CEMI 42.5N 
(%) 

CEMIIA-L 32.5N 
(%) 

Insoluble Residue (IR) ≤ 5 ≤ 5 - 
Sulphur Trioxide (SO3) ≤ 3.5 ≤ 3.5 ≤ 3.5 
Magnesium Oxide (MgO) ≤ 5 ≤ 5 ≤ 5 
Chloride (CI) ≤ 0.1 ≤ 0.1 ≤ 0.1 
Soundness (mm) ≤ 10 ≤ 10 ≤ 10 
Initial Setting Time (mn) ≥ 60 ≥ 60 ≥ 60 
Compressive strength at 
28 days (MPa) 

min Max min Max min Max 
32.5 52.5 42.5 62.5 32.5 52.5 

The mixtures were prepared with a W/C ratio of 0.50 and a cement dosage of 300 kg/m3. 
For cements CEM I 42.5 N and CEM II A-L 32.5 N, mixtures were also formulated with a W/C ratio 
of 0.55 and 0.60 (cement content 300 kg/m3) and cement dosages of 280 kg/m3 and 350 kg/m3 
(W/C ratio of 0.50). 

Prismatic specimens (15 x 15 x 60 cm3) and cubic specimens (15 x 15 x 15 cm3) were 
made for each mixture. The prismatic specimens were subjected to a carbonation test, while the 
cubic specimens were used to determine the compressive strength (at 28 days), the corresponding 
density and the immersion water absorption. 

After a hardening of 24 hours, the samples were demolded and underwent two different 
treatments: 

 An ideal cure: preservation for 56 days in an environment with (20 ± 2°C) and more than 90%
relative humidity (RH);

 An unsatisfactory cure: preservation for 56 days in an environment at (20 ± 2°C) and (60 ±
2%) relative humidity (RH).
The long cure time (56 days) is intended to allow sufficient primary and secondary hydration.

After this time, the specimens are dried for 14 days, and then stored at a temperature of 20 ± 2 ° C 
and a relative humidity of 60 ± 2% until constant mass. 
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The prismatic specimens were stored for 56 days in the carbonation chamber, within which the 
CO2 content is regulated at 1%, the temperature at (20 ± 2°C) and the relative humidity at (55 ± 
5%). A number of prismatic specimens were split after 3, 7, 14, 28, 35, 42 and 56 days to measure 
the average carbonation depth.  

The different samples were subjected to several tests: resistance in compression, 
determination of the corresponding density and the absorption of water by immersion. 
Subsequently, correlations between these characteristics were established. 

Measurements of porosity accessible to water on the concrete samples were carried out. 
This method is now the subject of an AFPC-AFREM operating mode which therefore ensures a 
homogeneous practice of this test and which allows a comparative treatment of the results, 
regardless of the laboratory where they were obtained. The results obtained provided an indicator 
of the quality of the mixture which is well correlated with the compressive strength: when the 
porosity decreases (due to a decrease in the W/C ratio), the strength increases. 

RESULTS AND DISCUSSION 

Measurement of concrete carbonation depth 

The approximate depth of carbonation was calculated using the formula (2). The mean 
carbonation depth as a function of the square root of the exposure time (√days) is given in Figure 4. 
When applying the phenolphthalein solution to the samples, it was noticed that the non-carbonated 
area takes on a dark pink colour, on the other hand the carbonated area remains colourless. 
Phenolphthalein therefore offers a simple reading of the depth of carbonation since the forehead is 
sharp and generates good colour contrasts. It was noted that concretes based on CEM II are more 
carbonated than concretes based on CEM I for all ages. We also observed on the samples that the 
carbonation front increases with the W/C ratio and with the time of exposure to CO2. 

It was also noted that after 35 days, the concretes based on CEM II were completely 
carbonated. This rapid carbonation is mainly due to the high value of the W/C ratio which 
influences the porosity and subsequently its permeability. On the other hand, the concretes based 
on CEM I were not entirely carbonated even after 56 days. 

According to the carbonation models, the evolution of carbonate thickness follows a square 
root law of time. For our concretes, the depths measured over time do not strictly form a line 
segment. Indeed, several authors believe that the kinetics of accelerated carbonation does not 
obey a square root law of time. It associates the curvature of the kinetics curve of the carbonation 
front with the carbon dioxide depletion of the material by chemical carbonation reactions. Thus, it 
would not be a simple process of diffusion which follows kinetics in square root of time. 

According to the results of Figure 4, it is noted that the kinetics ratio between the 
carbonation of concretes composed of CEM II and CEM I is associated with the lower content of 
portlandite in CEM II. As a result, a smaller amount of CO2 is needed to consume the portlandite. 
These results are in agreement with the results of Papadakis et al. [4] who observed a faster rate 
of progression of the carbonation front in composite cement than in pure Portland cements. 

The use of a concrete based on CEM I 42.5 and a W/C ratio = 0.50 made it possible to 
obtain a high performance concrete durable and resistant to carbonation. This result is mainly due 
to the good compactness of the concrete, which considerably reduces the penetration of CO2 as 
well as the high reserve of Ca (OH) 2. 
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Fig. 4 -  Determination of carbonation depth by linear regression coefficient 

Effect of water-cement ratio (W/C) 

The incidence of the W/C ratio was studied on concrete containing two types of cements 
(CEM I 32.5 N and CEM II/AL 32.5 N) dosed at a rate of 300 kg/m3. Figure 5 and 6 give the results 
obtained on three test pieces for each W/C ratio used. As expected, the resistance to carbonation 
increases as the W/C ratio decreases. 

It is noted that the W/C ratio exerts a great influence on the porosity of the hydrated cement 
paste because it directly governs the initial spacing between the grains of cement suspended in the 
mixing water. 

In fact, when the W/C ratio is low, the grains of cement become very close to each other 
and the carbonation decreases. The gaps between the cement grains are smaller and there is less 
chance of having a large void that cannot be completely filled by hydrates. 

The reduction in the W/C ratio not only makes it possible to reduce the total volume of the 
capillary pores but it also makes it possible to reduce their diameter. 

For a lower W/C ratio, the capillary porosity is in fact made up of a finer and more 
discontinuous network of pores.  

Fig. 5 -  Effect of W/C ratio on KC of cementitious concrete CEM I 32,5 N dosed at 300 kg/m3. 
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Fig. 6 -  Effect of W/C ratio on KC of cementitious concrete CEM II/A-L 32,5 N dosed at 300 kg/m3. 

No macroscopic trace of carbonation was observed even after one month on the concrete 
containing cement CEM I, W/C = 0.50. Conversely, the concrete containing cement CEM II, W/C = 
0.60 has a carbonation detectable from the first day of exposure to CO2 and which turns out to be 
total from 20 days because of its high porosity. 

It is also noted from the results of Figure 5 and 6 that the progression of the carbonation of 
the concrete containing the cement CEM I, W/C = 0.60 is similar to that of the concrete containing 
the cement CEM II, W/C = 0.50. This means that with regard to accelerated carbonation, 
increasing W/C from 0.50 to 0.63 is equivalent to moving from CEM I to CEM II. 

Effect of cement dosage 

The effect of cement dosage was also examined on cement-based concrete CEM I 42.5 N 
with a W/C ratio of 0.50. The results obtained on three specimens for each cement dosage are 
shown in the diagrams of Figure 7. We did not find any significant effect of the cement dosage on 
the carbonation resistance. However, it must be emphasized that the quantities of cement used 
during the study were relatively high and not very differentiated. 

Fig. 7 -  Effect of cement dosage on KC of cementitious concrete CEM I 42,5 N. 
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additions (silica smoke, fly ash, blast furnace slag), carbonate differently depending on their 
compositions. In addition, a brief synthesis of the works relating to the effect of mineral additions 
on the rate of carbonation is proposed. Only the mineral additions used in the composition of the 
cements studied for this study are taken into account. 

Effect of the type of cement 

The carbonation coefficients KC obtained with concretes formulated with different types of 
cement dosed at 300 kg/m3 and having W/C ratio of 0.50 are presented in Table 4. 
The influence of the cement type has been demonstrated by comparing the carbonation coefficient 
of each cement with that of the CEM I 32.5 N (reference cement). Thus, it can be seen that with 
W/C ratio and identical dosages, the cement with additives (Calcareous Filler, Gypsum) have a 
higher carbonation coefficient than Portland cement. This unfavourable effect is accentuated, as 
the fineness of the cement decreases (passage from class 42.5 to 32.5 for the same type of 
cement). 

Tab.4 - Carbonation coefficients KC obtained with different cements and different curing processes 

Cements 
KC (mm/ days ) 

Unsatisfactory cure/Ideal 
cure Ideal 

cure 
Unsatisfactory 

cure 

CEM I 32.5N 2.22 2.79 1.26 
CEM II/A-L 32.5R 1.15 2.29 1.99 

CEM I 42.5N 0.72 1.57 2.18 

Effect of curing process 

The cure consists of taking protective measures to reduce the evaporation of water on the 
concrete surface or to preserve its moisture content. For in-situ concrete, several cure classes 
have been defined. These correspond to a cure time of 12 hours or the time required to reach a 
given resistance in compression (Table 5). The cure class must be specified in the performance 
requirements. 

Tab.5 - Cure class [26] 

Cure class 
Percentage of the value specified for 
the compressive strength at 28 days 

Class 1(*) - 
Class 2 35% 
Class 3 50% 
Class 4 70% 

(*) Provided that the setting does not exceed 5 hours and the temperature on the surface of the 
concrete is equal to or greater than 5 ° C. 

The results of research shown in Table 5 also show that the type of cure has a major 
influence on the resistance of concretes to carbonation. In fact, poor cure conditions lead to 
carbonation coefficients two times higher than those obtained on the series of specimens 
composed of the same cement but subjected to optimal conditioning. 

Correlations with other common features 

The carbonation coefficient is not a common evaluation criterion, nor is it a fast measuring 
device to control the quality of a concrete. This is why correlations with more conventional 
characteristics such as water absorption or compressive strength were established. 
The absorption of water by immersion has been determined according to standard NBN B 15-215.  
The results of Figure 8 show that the absorption of water by immersion is between 4.4% and 6.3% 
for the concretes studied in the research. 
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We also note that the lowest carbonation coefficients were obtained with concretes with the 
lowest absorption values. However, the carbonation coefficients could not be directly correlated 
with the water absorption by immersion. 

The type of cement, the W/C ratio, the cement dosage and the degree of hydration are also 
factors influencing the compressive strength of concrete; it was once common to consider that the 
resistance to carbonation was a function of the resistance in compression. 

Fig. 8 -  Correlation between KC and absorption of water by immersion 

However, as shown in Figure 9, there is no direct link between the carbonation coefficient 
and the compressive strength determined according to NBN EN 12390-3 at 28 days. At most it is 
noted that the carbonation coefficients are the highest in concretes of lower compressive strength 
and, conversely, the concretes that resist compression best also have the lowest carbonation 
coefficients. 

Fig. 9 -  Correlation between KC and compressive strength 

CONCLUSION 
The present paper has presented results of an experimental study conducted on prismatic 

and cubic specimens to analyse the phenomena of carbonation of concrete and proposes some 
provisions to guard against it. The following results have been deduced:  

- The resistance to carbonation increases as the W/C ratio decreases for concrete containing
two types of cements (CEM I 32.5 N and CEM II/A-L 32.5 N ) dosed at 300 kg/m3.

0

0,5

1

1,5

2

2,5

4 4,5 5 5,5 6 6,5

K
C

(m
m

/(
d

a
y

s)
1

/2

Absorption of water by immersion (%)

0

0,5

1

1,5

2

2,5

20 25 30 35 40

K
C

(m
m

/(
d

a
y
s)

1
/2

Compressive strength (MPa) 



  Article no. 30 

THE CIVIL ENGINEERING JOURNAL 3-2020 

--------------------------------------------------------------------------------------------------------------- 

 DOI 10.14311/CEJ.2020.03.0030 345 

- The cement dosage has no effect on the carbonation of the concrete specimens made with
CEM I 42.5 N and W/C ratio of 0.50.

- The cements dosed at 300 kg/m3 and having W/C ratio of 0.50 with additives (Calcareous
Filler, Gypsum) have a higher carbonation coefficient than Portland cement.

- The type of cure has a major influence on the resistance of concretes to carbonation. In fact,
poor cure conditions lead to carbonation coefficients two times higher than those obtained
on the series of specimens composed of the same cement but subjected to optimal
conditioning.

- The carbonation coefficients could not be directly correlated with the water absorption by
immersion.

- The carbonation coefficients do not have a direct link with compressive strength determined
at 28 days.
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ABSTRACT 

The Logistic and Gompertz embankment settlement prediction models have poor prediction 
accuracy for the late settlement of high-filled soil. This study proposes a combination of the two 
models based on their common characteristics and individuality, and their respective advantages 
and specific limitations. The minimum logarithmic error square sum of the combined model was 
used as the objective function to solve the optimal weighting coefficient. The optimal weighted 
geometric mean combination prediction model was deduced, to improve the confidence of the 
prediction accuracy of the settlement of high-filled soil. By fitting and analysing the measured 
settlement data of the engineered high-filled soil with each prediction model, the feasibility of the 
proposed optimal combination prediction model in the settlement prediction of high-filled soil was 
tested. It was found that the proposed optimal combination forecasting model was more accurate 
and adaptable compared to any single model, and was more reliable. Therefore, the proposed 
combination forecasting model could be used as an effective method to predict the settlement of 
high-filled soil in the later stages of settlement. 

KEYWORDS 

High-filled soil, Optimal combination model, Settlement prediction 

INTRODUCTION 

The central and western regions of China are occupied with cities in mountainous terrain. 
The continuous development of these urbanized areas has resulted in large cities expanding into 
surrounding areas, resulting in new urban districts, airports and railway and (highway) roads being 
built on land formed using high-filled soil. Uneven settlement and deformation of high-filled soil in 
hilly and gully terrain is of concern to geotechnical experts. Many structures built on high-filled soil 
have been destroyed or condemned due to the settlement of the foundations. The settlement of 
high-filled soil results in the deformation of the filling soil and the settlement of the foundation. 
Reported data indicate compression of the soil caused by the weight of the fill often accounts for 
80%-90% of the total settlement [1-2]. After completion of the construction of the fill soil, uneven 
settlement often occurs over a long period to varying degrees. The settlement is primarily 
influenced by the filling speed, filling height, filling properties and local climatic conditions. This 
multi-dimensional problem based on time and space cannot be solved using empirical formulas [3]. 
The final settlement calculated using the finite element method based on the consolidation theory 
is often significantly different to the measured value. Therefore, it is necessary to understand the 
dynamic process of settlement of high-filled soil to accurately predict trends in settlement using 
data during the early period, to ensure safety and quality [4]. To date, there are three main 
methods used globally for predicting settlement of high-filled soil: the empirical formula deduction 
method, numerical simulation and the curve fitting method. The most commonly used curve fitting 
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methods include hyperbolic, modified hyperbolic, grey prediction, grey Theory-Markov, power 
function, exponential equations and Asaoka methods [5-14]. In recent years, the Logistic and 
Gompertz curves have been favoured as they reflect more accurately the relationship between 
settlement and time [15-18], however, the prediction accuracy is often limited by the amount of 
monitoring data, geographical conditions and construction technology. It is difficult to use a single 
prediction model to make an accurate prediction of settlement, resulting in low confidence of 
prediction precision. 

The common characteristics and individuality of Logistic and Gompertz prediction models, 
together with their advantages and specific limitations are used in this study which combines the 
two models to calculate the optimal weighting coefficients. The sum of the minimum logarithmic 
error squares of the combined model was used as the objective function which derived the optimal 
weighted geometric mean of the combination prediction model. The prediction model was used to 
improve the prediction accuracy of the curve fitting method. The combined prediction model could 
be used as an effective method for predicting the late settlement of high-filled soil. 

THE TWO SETTLEMENT PREDICTION MODELS 

The Logistic model 

In 1938, Pierre-Francois Verhulst proposed the Logistic model for predicting world 
population growth (Verhulst-Pearl model). Due to the development of inter-discipline fields, this 
model is widely used in ecology, medicine, economics and management. The model can be used 

for settlement prediction and its differential form can be rewritten as： 
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where: y =settlement; t =time; k =immediate settlement rate; A =final settlement.

The integral of equation (1) is: 
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where: B =parameter to be sought; e=Euler number. 

The Gompertz model 

The Gompertz model was put forward by the British statistician Benjamin Gompertz. It was 
originally used to describe the law of the growth and change of nature. Since its birth, the 
Gompertz model has played an important role not only in the field of biology, but also in market 
economy forecasting and traffic forecasting. The model can be used for settlement prediction and 
its differential form can be rewritten as: 
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where: y =settlement; t =time; k =immediate settlement rate; A =final settlement.

The integral of equation (4) is: 
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where: B =parameter to be sought; e=Euler number. 

Then, the first derivative of equations (3) and (6) can be obtained: 
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The second derivative of equations (3) and (6) are: 
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The limits of equations (3) and (6) are: 
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Using the definition of consolidation degree U, equations (3) and (6) can be written: 
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Equation (7) demonstrates that the Logistic and Gompertz curves increase monotonously, 

Equation (8) demonstrates that when 1
kt

Be  (that is kBt ln ) there is an inflection point in the 

curve, and Equation (9) demonstrates that when time is infinite, the maxima in both curves equals 

A . According to the properties of the two curves, the shape of the Logistic curve is an "S" shape, 

and the Gompertz curve has the characteristics of an "anti-S" shape distribution. This is in 
agreement with the proposal by Mei et al. that it is theoretically demonstrated that the settlement-
time curve is an "S" shape when the load is linear or approximately linear [19]. Equation (10) 
demonstrates that when time equals zero, U=0, and when time approaches infinity, U= 1. 
Therefore, the Logistic and Gompertz models can be used to predict the variation in settlement of 
high-filled soil over time. 
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SOLUTION OF THE MODEL 

Using the Logistic and Gompertz models, settlement can be predicted for any time when 
the values of the parameters A, B and k are known. In order to improve the fit, nonlinear Gompertz 
and Logistic curves were converted into modified exponential curves using the basic principles of 
linear regression. The transformation of the modified exponential equations is shown in Table 1. 

Tab. 1 - Transformation of the modified exponential equation 

Model type Model equation Transformation process 
Transformation 

model 

Logistic 
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This study proposes the use of the Bryant method to solve the parameters of the curve. The 
three parameters in the model require that the measured y~t in the settlement data be of equal 
time interval; the measured data were generally non-isometric. Therefore, before using the two 
curves to fit the data, measured y~t data must be converted into an isochronous y~ sequence that 
meets the requirements. In this study, the Lagranre interpolation method was used to perform the 
isochronous transformation of non-isochronous settlement time series data. The equations of each 
parameter were calculated using the Bryant method as follows: 
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OPTIMAL WEIGHTED AVERAGE GEOMETRIC PREDICTION MODEL 

If there were m  kinds of settlement prediction models for a problem, ,1ty


,2ty


,m



ty

Nt  ,2,1 , then at the same time, 


it
y represents the i type of the prediction model and the 

predicted value of the t  phase, 


ty  represents the weighted geometric average combination

prediction model of the above m  types of prediction models, and also represents the prediction 

value of the t  phase of the model. 
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If ty is used to represent the measured values of the actual settlement in the t period, 
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where: )(;)',,,( 21 jtitm sswwwW   is an m  order square matrix. 

Therefore, the sum of the square of logarithmic errors is: 
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If AXX ' is the constant zero, Ntsx
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. That is, for any nonzero m

dimensional vector X , it is the solution of the equations in (19). 
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From equations (1) and (2) the matrix A  is a positive definite matrix, so that A  is invertible 

and for any nonzero vector W , 0
2＞S . )'1,,1,1( Q m

R ，so the optimal weight coefficient W

can be determined by minimizing the sum of the logarithmic error square 
2
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combined prediction model under the constraint conditions of 1' QW , 0W . 

Using the result from [20], the solution is: 
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For the weighted geometric combination prediction model composed of Logistic and 
Gompertz models, the optimal weight coefficients are: 
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Due to 1
21
 ww , only one of the 1

w , 2
w was solved. 

ACCURACY OF THE COMBINED PREDICTION MODEL 

According to the square sum of absolute errors (SSE), square sum of relative errors 
(SSRE), standard error (SE), relative standard error (RSE) and mean absolute percentage error 
(MAPE), the accuracy of the optimal combination prediction model proposed in this study was 
tested using five parameters. The formulas of each parameter are as follows: 
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According to the value MAPE, the prediction accuracy can be divided, as shown in Table 2. 

Tab. 2 - MAPE classification of prediction accuracy 

MAPE % Prediction accuracy MAPE % Prediction accuracy 

＜10 High accuracy 20～50 Feasible 

10～20 Good ＞50 Infeasible 

ENGINEERING EXAMPLE ANALYSIS 

High-filled soil engineering in Wuhan TianHe airport [21] 

Located in the Wuhan City, Hubei Province, China, the Wuhan Tianhe Airport Second 
Channel Expressway has a total length of approximately 15.5 km. Most of the landforms are low 
mountains and hills with little structural erosion. The topography is undulating and there are more 
high-filled sections across the whole line. After the completion of the construction, the settlement 
deformation of the high-filled section of the whole line was monitored in real time. This study 
focuses on the S2 section, the pile number of the section is K4+200~K5+325 and total length is 
1.215 km. Section K4+860 is a special subgrade section and the settlement deformation of this 
section was analysed and predicted. The embankment filling height of this section was 8.2 m and 
measurement period was from June 12 to December 15, 2016. Based on the measured settlement 
data across 153 days, using the Bryant method, logarithmic transformation and linearization 
equations listed in Table 1, the Logistic and Gompertz models were determined, respectively: 
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geometric average combination prediction model was: 
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Using the Logistic model, Gompertz model and the proposed optimal weighted geometric 
average combination prediction model, the predicted settlement values and precision index values 



  Article no. 31 

THE CIVIL ENGINEERING JOURNAL 3-2020 

--------------------------------------------------------------------------------------------------------------- 

  DOI 10.14311/CEJ.2020.03.0031 354 

were calculated (Tables 3 and 4). The relationship curve of settlement and time of section K4+860 
is shown in Figure 1. The curve of relationship between measurement time and relative error of 
section K4+860 and a diagram of measurement time and residual scatter plot are shown in Figure 
2 and Figure 3, respectively. 

Tab. 3 - Settlement datas of K4+860 by measured and predicted 

Time/d 
Measured 
data /mm 

Predicted data/mm 

Logistic 

model 

Gompertz
model 

The combined 
model 

10 36.707 38.936 37.126 38.604 

13 45.111 43.855 43.316 43.758 

18 59.202 52.681 53.808 52.888 

31 66.11 77.194 79.334 72.574 

35 79.321 84.443 86.125 78.742 

38 96.485 89.594 90.815 94.812 

45 103.898 100.357 100.390 102.363 

47 105.427 103.069 102.783 104.018 

52 110.353 109.110 108.138 109.935 

56 112.551 113.199 111.822 112.950 

57 113.509 114.122 112.666 113.860 

68 122.903 121.997 120.186 122.670 

88 126.203 128.864 127.859 126.683 

94 127.358 129.850 129.191 127.731 

99 129.063 130.454 130.076 130.086 

115 130.757 131.557 131.936 130.625 

123 131.109 131.829 132.490 131.248 

130 133.617 131.984 132.843 133.138 

145 133.983 132.164 133.324 134.071 

153 134.203 132.212 133.479 134.339 

Tab. 4 - Comparison of precision index values of each prediction model 

Model type SSE SSRE SE RSE MAPE% 

Logistic model 293.234 0.057 3.829 0.054 3.461 

Gompertz model 330.611 0.064 4.066 0.057 3.364 

The combined 

model 
96.776 0.025 2.200 0.036 1.866 
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The high-filled embankment project of Wuhan Tianhe Airport, the regularity of SSE and SE 
values of the accuracy index of the prediction model, and SSRE values and RSE values of the 
stability reliability index of the prediction model were similar to that of the high-filled embankment 
project of Yan Jiafeng Section (Table 8). However, in this study the MAPE values of the Logistic, 
Gompertz and proposed combined prediction models were 3.461%, 3.364% and 1.866%, 
respectively. All indicate a high precision prediction and the MAPE values in this study were 
smaller, suggesting greater accuracy. When the monitoring time was 38 days, the relative error 
was large, and the variation range was -11.02%-20.00% (Figure 5). However, when the monitoring 
time was longer than 38 days, the variation range of the relative error was - 3.41%-0.07%. The 
residual diagram was consistent with the randomness and unpredictability of probability theory, 
and the points described by the combined prediction model were scattered randomly about a line 
with residuals equal to 0 (Figures 3 and 6), suggesting that the proposed prediction model was 
effective. 

CONCLUSION 

(1) To address the deficiencies in single settlement prediction models in predicting the
settlement of high-fill soil, this study combined the Logistic and Gompertz prediction models to
solve optimal weighting coefficients. This was achieved taking the sum of the minimum logarithmic
error squares of the combined model as the objective function, and then deriving the optimal
weighted geometric mean combination prediction model.

(2) Selecting the engineer measured data for the fitting analysis, the comparative analysis
indicated that the accuracy (SSE, SE and MAPE) and reliability (SSRE, RSE) of the optimal
combination predicting model was better than any single model, and the adaptability was greater.
When the monitoring time exceeded the curve inflection point, it was similar to the measured value,
indicating the optimal combination predicting model was good for settlement prediction.

(3) The proposed combination prediction model could be used to optimize the combination of
multiple models and buffer the advantages and disadvantages of each single model. When there is
no negative weight ratio, the settlement prediction accuracy was improved significantly.

In this study, linear loading or approximate linear loading only was used for the analysis. 
The application of a non-linear growth model to settlement prediction of step loading and more 
complex loading processes requires further study and analysis. 
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ABSTRACT 

The development of light and very thin concrete building structures and demand for 
extremely thin elements in design are inter alia reasons for the development of composite 
materials as non-traditional reinforcement. Composite materials are currently used as 
reinforcement mostly in the form of fiber reinforced polymer bars similar to traditional steel 
reinforcement bars, but the last decade sees also rise in the use of technical textiles. This article is 
focused on the interaction between impregnated textile reinforcement and high-performance 
concrete matrix and its easy determination using originally modified pullout test. The second aim of 
this article is improvement of interaction conditions between reinforcement and cementitious matrix 
using fine-grained silica sand applied on the surface of the composite reinforcement similarly to the 
traditional fiber reinforced polymer reinforcement with commonly used diameters. To investigate an 
effect of this modification a bending test was performed on small thin concrete slabs with different 
amounts of reinforcement. 

KEYWORDS 

Concrete, High performance concrete, Textile reinforcement, Cohesion, Interaction, Roving, 
Alkali resistant glass, Surface treatment 

INTRODUCTION 

Textile reinforced concrete (TRC) is a new composite material made of high-performance 
concrete (HPC) reinforced with technical textiles. The properties of this material are still intensively 
researched and its use is steadily growing. The basic principle is identical to the traditional steel 
reinforced concrete. HPC has great mechanical properties regarding compression and textile 
reinforcement has similarly good parameters in tension. With proper utilization of the HPC 
properties it is possible to use lesser amount of concrete in comparison with traditional concrete for 
elements with similar load-bearing capacity which in turn leads to more environmentally effective 
elements [1]. The technical textiles used as reinforcement are chemically resistant and non-
corrosive and these characteristics can be further improved by using epoxy resin or materials. The 
TRC elements therefore do not need as massive concrete cover of reinforcement as in the case of 
traditional reinforced concrete with steel reinforcement affected by corrosion. The most commonly 
used technical textiles as reinforcement are alkali-resistant glass, carbon, basalt and aramid. 

This article is focused on the interaction of impregnated textile reinforcement in HPC matrix 
and its easy determination using originally modified pull-out test. In addition, this experiment was 
supplemented by the bending test performed on thin slabs to further verify and test the different 
amounts of reinforcement in cross-sectional area. This issue is relatively thoroughly dealt with in 
the case of fiber reinforced polymer (FRP) reinforcement with conventional diameters. Testing 
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methods, interaction and methods for its improvement were already successfully proposed and 
measured. There are many articles and standards all around the world. Impregnated technical 
textiles using epoxy resin for homogenization are basically also FRP material with considerably 
smaller diameter, but standards for element design and the effect of interaction with the cement 
matrix have not been issued yet. There is also no standard with defined procedures to measure the 
interaction conditions. 

Some articles about the interaction conditions of textile reinforcement were already 
published. This article is focused only on impregnated technical textiles. Portal [2] states that there 
is no standard methodology for measurement and evaluation of the TRC pull-out test. The pull-out 
test was set by the Krüger [3] and Lorenz and Ortlepp [4] asymmetric test. In their experiment 
samples of 400 x 100 x 15 mm were reinforced using one layer of technical textile. Various 
anchoring lengths were selected for the characterization of interaction conditions and also the 
moment of breaking point of textile reinforcement in the sample [5]. 

Banholzer [6] developed a one-sided test that is used for detection of broken light-fiber 
filaments. A sample is manufactured with dimensions of 10 x 10 mm and length of 30 mm using 
epoxy resin with a bundle of fibers in the middle of this prism. The fibers inside are therefore 
sufficiently protected against the steel jaws of the testing machine. The sample with epoxy prism is 
then embedded into the concrete matrix with dimensions of 50 x 50 mm and length of also 30 mm. 
During the testing procedure the sample of reinforcement is pulled out of the concrete part using a 
supported steel plate with displacement speed of 0.1 mm/min until the maximum displacement of 
1.7 mm. 

Very interesting testing methodology is also described in [5] with whole fabrics, not a single 
roving. This case also includes the effect of PP and PVA fibers that are used during the weaving of 
technical textile for yarn joining. These fibrils connect the whole fabric before the process of 
impregnation. The principle is analogous to the previously described testing methodology with a 
single roving. A portion of technical textile is inserted into the HPC specimen during the concreting 
with free length of fabric to be fixed into the testing machine. The fabric fixed into the testing 
machine is then pulled out from the concrete specimen using a steel frame as a support for the 
concrete part. 

MATERIALS AND PREPARATION OF SPECIMENS 

Concrete 
The HPC mixture used in this experiment was developed at the Faculty of Civil 

Engineering, Czech Technical University in Prague (FCE CTU) for various applications [7]. This 
mixture was designed using mainly local sources of raw materials. It is a self-compacting fine-
grained concrete and its composition is presented in Table 1. The HPC mixture used in this 
experiment was without any types of fibers. Water cement ratio was 0.25 and the water binder ratio 
was 0.20 for this mixture. Compressive strength tested on cubes with sides of 100 mm was equal 
to 140.5 MPa according to the standard CSN EN 12390-3. Tensile strength while bending tested 
on beams with dimensions of 160 x 40 x 40 mm was equal to 15.4 MPa according to standard 
CSN EN 12390-5. The same HPC recipe has been also used for several applications and research 
activities at the CTU like waffle and solid experimental facade elements [8] or in [9], [10]. Using the 
same concrete mixture allows the results to be compared with each other during the continuous 
process of alternative reinforcement development. 
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Tab. 1 - High-performance concrete mix composition 

Component Unit HPC 

Cement I 42.5R [kg/m³] 680 

Technical silica sand [kg/m³] 960 

Silica flour [kg/m³] 325 

Silica fume [kg/m³] 175 

Superplasticizers [kg/m³] 29 

Water (12°C) [kg/m³] 171 

Total [kg/m³] 2340 

Composite reinforcement 

The technical textile reinforcement was produced from AR-glass fibers homogenized with 
epoxy resin. Rovings of AR-glass fibers were chosen from other types of technical textiles such as 
carbon, basalt or aramid due to the lower elasticity modulus, more visible interaction conditions 
and also due to economic aspects. Used rovings were from the company Cem-FIL® with a length 
weight (titer) of 2400 g/km (= 2400 tex), specific gravity of 2680 kg/m3, tensile strength of 
1700 MPa and modulus of elasticity of 72 GPa according to the technical data sheet. 

Epoxy resin SikaFloor-156 from the company Sika was used for the homogenization of the 
rovings. Basic parameters of pure resin are tensile strength in bending of 15 MPa and modulus of 
elasticity of 2.0 GPa. Specific gravity of the material is 1100 kg/m3 according to the technical data 
sheet. This resin has excellent penetrating properties due to its low viscosity and is therefore very 
suitable for roving homogenization. The epoxy resin accounted for about 65% of the cross-section 
of the impregnated roving due to the experimental manual nature of its production in the lab. 

Part of the textile reinforcement was produced with a smooth surface formed by the epoxy 
resin, while the other part was created with surface modification utilizing fine-grained silica sand. 
This surface treatment ensures better interaction conditions between composite reinforcement and 
the cementitious matrix and was inspired in surface modification of the FRP bars with higher 
diameter. The application of this type of surface treatment in the case of textile reinforcement was 
described by Shi-ping [11] and the suitable size of silica sand grains was defined by previous 
author’s research [12]. 

Specimen preparation 
The specimens were prepared for two types of experimental verification of the composite 

reinforcement performance. The first experiment designed for determination of basic material 
interaction conditions was a pull-out test performed with a single impregnated roving with smooth 
surface in comparison with a roving with surface treatment using fine-grained silica sand. The 
second experiment was a four-point bending test performed as the most common way of loading 
for TRC applications. Molds for all TRC specimens were prepared individually using a system of 
laminated chipboards. One mold was made for five identical specimens for the pull-out test and the 
other one for three TRC panels for the four-point bending test. 

The developed pull-out test method for single impregnated roving was originally inspired by 
American standard for testing of FRP reinforcements ACI 440.3R-03 “Guide test methods for fiber 
reinforced polymers (FRPs) for reinforcing or strengthening concrete structures” with modified 
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specimen dimensions. The concrete part of specimens had constant dimensions of 100 x 100 mm 
with thickness related to the composite reinforcement diameter. First experiments were performed 
with the thickness close to the mentioned ACI standard with respect to the ratio to the other two 
dimensions, so the first thickness was 100 mm [13]. Especially in the case of single thin 
impregnated roving with the surface treatment the composite roving was usually broken before the 
start of slipping along the cementitious matrix. That leads to the thickness optimization using easy 
calculations. The resulting optimal thickness of the specimens for the used AR-glass roving 
2400 tex with the diameter of approximately 2.0 mm was calculated to 20 mm. 

The single roving homogenized by epoxy resin was fixed in the middle of the mold before 
the concreting of HPC part. A small cone made of silicone was installed on the composite roving 
inside the mold on the side where the composite reinforcement was fixed in the testing machine to 
prevent pulling of a shear cone from the HPC during the test procedure. This HPC shear cone 
would negatively affect results and cause skips on the measured curve. The anchoring length of 
each single impregnated roving was measured as the length of the roving inside a mold before 
concreting without the silicone cone. This length was also controlled after the pull-out test was 
performed by breaking of the HPC part and measuring the actual length. Mold was not treated with 
a demolding oil to prevent the contamination of the surface of the composite reinforcement. 

The side of composite reinforcement fixed in testing machine was provided with epoxy 
sleeve enveloping it. Composite reinforcement has high tensile strength but is very fragile, so the 
epoxy sleeves were there to prevent damage of the impregnated rovings due to them being fixed in 
the testing machine. The epoxy sleeves replaced previously used steel ones [14], which made 
preparation of the specimens and manipulation with them much easier. 

After initial preparations, the concreting was performed using self-consolidating HPC. The 
preparation of specimens is presented in Figure 1. Altogether 12 specimens were prepared - 6 
specimens with the smooth surface and 6 specimens with the surface modification using fine-
grained silica sand. The surface modification is visible in Figure 1. 

 

   
Fig. 1 – Specimens preparation for the pull-out test. 

 

Specimens for the four-point bending test were prepared in the form of small slabs with the 
dimensions of 100 x 360 x 18 mm. Reinforcement grids made of the impregnated AR-glass rovings 
were prepared in two different densities with 5 and 10 rovings per 100 mm specimen width and 
were cut to fit the intended specimen dimensions. The slabs were prepared in three variants. One 
with two 5 roving layers (2x5), second with two 10 roving layers (2x10) and third with four 10 roving 
layers (4x10). The last variant represents the maximum amount of textile reinforcement that 
allowed for proper concrete distribution throughout the specimens. All variants were prepared with 
a smooth surface and also with a surface modification, three specimens for each variant. 
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The casting process was performed layer by layer. That means a layer of HPC with a controlled 
thickness to ensure the proper concrete cover, then a TR was inserted, then a middle portion of 
HPC, another TR, and an upper layer of HPC in the case of specimens with two reinforcement 
grids and similarly in the case with four. The concrete cover layer was designed with a thickness of 
4 mm and due to the chosen concreting process, no spacers were used. Specimens were not 
vibrated to prevent movement of the composite reinforcement to the HPC surface, the concrete 
HPC mixture was self-consolidating as mentioned above. The preparation of the specimens for the 
flexural test is presented in Figure 2. 

 

   
Fig. 2 – Specimens preparation for the four-point bending test. 

 
All specimens were demolded one day after the casting process and were stored in 

constant conditions for another 27 days. The panels were stored in water tank and constant 
temperature of 22 °C. The specimens created for pull-out test were placed in air-conditioned 
environment with constant humidity of 60%. Dimensions and weight of the specimens were 
measured before testing. 

EXPERIMENTS 

Cohesion test 

The developed pull-out method was focused on the complete curve of bond behaviour with 
a simple interpretation and application of results in the field of science as well as in the field of 
engineering and structures designing. As mentioned above this method was inspired by the ACI 
440.3R-03 standard, but specimen dimensions were modified due to the small cross-sectional area 
of the composite reinforcement in comparison with traditional FRP reinforcement. Other aspects of 
the test set up were very similar to the traditional FRP cohesion test. Epoxy sleeves were installed 
only on one side of the rovings because of the safe and stable fixing to the testing machine without 
any damages to the roving filaments. Concrete part had constant dimensions of 100 x 100 mm and 
optimized thickness of 20 mm for single AR-glass impregnated roving with titer 2400 tex in this 
experiment. A view of the developed testing set up inspired by ACI standard is presented in 
Figure 3. 
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Fig. 3 – Basic scheme of own developed pull out test method inspired by ACI standard and picture 

of the actual setup. 
 

Time, force, crosshead displacement and pull-out of the reinforcement were measured 
during the test procedure inspired by the ACI standard for a simple and direct determination of 
bond behaviour. Pull-out was measured on the free end of the impregnated roving by a 
potentiometer. The concrete part was equipped with a steel element made precisely by a lathe 
attached to the concrete by epoxy resin and the potentiometer was fixed in this steel part by a bolt. 
A circular rigid steel plate was similarly attached at the free end of the reinforcement which 
protruded from the concrete part by approximately 20 mm to provide stable contact area for the 
potentiometer. Considering the steel plate, the maximum theoretical pull-out value was around 15 
mm. Detailed view of the potentiometer and its fixing on the HPC part is presented in Figure 4. The 
speed of loading was constant at 2.0 mm/min according to the prescribed tensile stress increment 
of approximately 2.0 MPa/s in ACI 440.3R-03 standard. 

   
Fig. 4 – Detailed view of the bottom part of the concrete specimen with installed potentiometer and 

support constructions for the pull-out values measurement. 
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The results of the pull-out test are presented in Figure 5 and Figure 6 in the form of two 
graphs. Both graphs show pull out measured by the potentiometer on the X axis and 
corresponding force on the Y axis. Figure 5 shows overall comparison of specimens with smooth 
composite reinforcement and those with the surface treatment made of fine-grained silica sand. 
The test proved that there was little cohesion between HPC matrix and composite reinforcement 
with smooth surface as all rovings without surface treatment were pulled out of their HPC matrix. 
Figure 6 presents more detailed view focused on the specimens with impregnated rovings treated 
with fine-grained silica sand which showed almost perfect bonding with the HPC matrix. All 
impregnated rovings with surface treatment were broken before they could be pulled out. Another 
advantage of the surface treatment of the reinforcement is the stability of the results because no 
sample shows significant deviations as shown in Figure 6. Also, the maximum tensile strength of 
the impregnated rovings was without any negative caused by the embedded grains of silica sand. 
The presented curves of pull-out can be used for example for non-linear numerical modelling of 
crack development and crack opening of TRC elements using analytical methods or other 
numerical software. 

 
Fig. 5 – Results of pull-out test presented in the form of force – pull-out diagram using data from 

the testing machine and potentiometer showing rapid difference between the smooth surface and 
specimens with the surface modification. 

 

 
Fig. 6 – Results of pull-out test presented in the form of force – pull-out diagram using data from 
the testing machine and potentiometer. Detailed view on the beginning of the pull-out test with 

limited X axis showing rapid difference between the smooth and treated surface. 
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Four-point bending test 

The four-point bending test was performed on small slabs with dimensions of 100 x 360 mm 
with constant thickness of 18 mm. Concrete cover of the composite reinforcement was designed to 
only 4 mm and was achieved by controlled application of HPC layers. The specimens were not 
vibrated to prevent the reinforcement movement to the HPC surface due to the lower density of the 
composite reinforcement compared to HPC. Three specimens were created for each group with 
the same designed amount of reinforcement. Six sets of samples were prepared in total. 

Three variants with smooth surface and three with surface treatment using fine-grained 
silica sand were created. The first group contained two identical layers of composite reinforcement. 
One layer had 5 parallel impregnated rovings in the longitudinal direction with grid spacing of 
22 mm. Grid spacing of rovings in transverse direction was 24 mm. The second group was also 
made with two identical layers of pre-prepared textile reinforcement but with 10 impregnated 
rovings in longitudinal direction spaced 10 mm from each other. The last third group of specimens 
was made with four layers of reinforcement with 10 impregnated rovings in longitudinal direction 
similar to the previous group. This combination of 4 layers with 10 rovings in each layer was the 
maximum possible amount of composite reinforcement for these specimen dimensions and 
composite reinforcement production technology, especially for the specimens with surface 
treatment. A view of the test setup and typical crack development is shown in Figure 7. 

Fig. 7 – Typical crack development of 2x5 reinforcement with smooth surface on the left and 4x10 
reinforcement treated with fine-grained silica sand on the right side. 

Testing was performed with axial distance of supports of 300 mm and 100 mm in the case 
of loading supports. All supports had curvature with 15 mm radius. Monitored parameters during 
the testing procedure were magnitude of the reaction on the load cell and displacement of 
crosshead of the testing machine. Four-point bending test was performed on MTS 100 testing 
machine with controlled constant load increment of 2.0 mm per minute [12], [15], [16]. 

The results are presented in Figure 8, Figure 9 and Figure 10 in the form of force – 
displacement graph, because presentation of flexural stress on the y axis in not relevant after the 
initiation of the first crack in the HPC part despite the fact that it is commonly used. Always two 
graphs are presented side by side where the left side represents specimens with smooth 
composite reinforcement and the right side represents specimens with composite reinforcement 
with surface treatment. 

Specimens with only two layers of textile reinforcement with five rovings in each layer are 
shown in Figure 8. The first sudden drop on the curve represents the formation of the first crack, 
creating a plastic joint, followed by an opening of the crack and an activation of the reinforcement. 
The load-bearing capacity of the specimen before the first crack initiation is given only by the 
tensile strength of the concrete without the contribution of the reinforcement. The small difference 
in this value between the samples with smooth reinforcement on the left and the samples with 
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surface treated reinforcement on the right is due to a slight inconsistency in specimen thickness 
which varied from the intended 18 mm. 

After the initiation of the first crack the specimens with smooth reinforcement typically 
formed one additional crack, each under one of the loading supports, after which the smooth 
reinforcement started slipping. Their behaviour under pressure was typical for a slightly reinforced 
concrete structures with wide cracks opening. The specimens with the surface treated 
reinforcement formed multiple more narrow cracks, due to significantly better interaction conditions 
between reinforcement and cementitious matrix. The pull-out was not that significant and much 
faster reinforcement activation lead to the multiple cracking, which is characteristic for structures 
with higher amount of reinforcement [12], [16]. 

Fig. 8 – Force – displacement curves from the four-point bending test of specimens reinforced with 
2x5 impregnated rovings with and without surface modification. 

Very similar trend is presented in Figure 9 in the case of more heavily reinforced specimens 
with 10 rovings in each layer of reinforcement. Higher amount of reinforcement logically led to the 
higher maximum value of reached force in comparison to the specimens with 2x5 reinforcement. 
The specimens with smooth reinforcement on the left side show similar crack development as the 
specimens in Figure 8 on the right side with 2x5 reinforcement treated with fine-grained silica sand. 
The activation of surface treated 2x10 reinforcement is again much faster than in the case of its 
smooth counter-part. The specimens with surface modification also show higher ultimate reached 
force while also having lower displacement in the time of their collapse. 

Figure 10 shows that the amount of reinforcement is so high in the cross-sectional area of 
the specimen that curves look more or less similar. The positive effect of the surface modification 
of composite textile reinforcement with fine-grained silica sand is much less significant in 
comparison with Figure 8 and Figure 9. 

Fig. 9 – Force – displacement curves from the four-point bending test of specimens reinforced with 
2x10 impregnated rovings with and without surface modification. 

0

1

2

3

4

5

0 5 10 15 20

Fo
rc

e 
[k

N
]

Displacement [mm]

2x5 Smooth surface

0

1

2

3

4

5

0 5 10 15 20

Fo
rc

e 
[k

N
]

Displacement [mm]

2x5 Surface treatment

0

1

2

3

4

5

0 5 10 15 20

Fo
rc

e 
[k

N
]

Displacement [mm]

2x10 Smooth surface

0

1

2

3

4

5

0 5 10 15 20

Fo
rc

e 
[k

N
]

Displacement [mm]

2x10 Surface treatment



 
  Article no. 32 

 
THE CIVIL ENGINEERING JOURNAL 3-2020 

 
--------------------------------------------------------------------------------------------------------------- 

 

          DOI 10.14311/CEJ.2020.03.0032 367 

 
Fig. 10 – Force – displacement curves from the four-point bending test of specimens reinforced 

with 4x10 impregnated rovings with and without surface modification. 

CONCLUSION 

During the testing procedure of the own developed pull-out test method, the composite 
textile reinforcement in the form of a single impregnated roving with surface treatment made with 
fine-grained silica sand reached the maximum values of tensile stress in the composite 
reinforcement corresponding to the results of tensile test presented in a previous research. That 
means that the surface treatment using fine-grained silica sand has no significant negative effect 
on the tensile strength of the impregnated roving. The impregnated individual rovings were in most 
cases damaged (in the case of impregnated rovings with smooth surface after significant pull-out) 
where they were in contact with the surrounding HPC prism due to the fact that the reinforcement 
was pressed by the irregular contact area of the HPC during the process of reinforcement 
activation. The fibers near the surface of the textile reinforcement were therefore subjected to 
higher tensile stress, which leads to the weakening of the reinforcement and subsequent breaking 
of the roving in this area. Epoxy resin impregnation of the individual rovings however provides 
sufficient protection of AR-glass fibers in HPC matrix from premature damage for both smooth and 
modified reinforcement. The HPC part of tested specimens showed no signs of damage. 

The difference between specimens with and without surface treatment is also clearly 
visible. The curves representing typical samples with smooth surfaces show a rapid pull-out of the 
reinforcement from the part of the HPC sample with higher pull-out values and lower corresponding 
force. After activation of the reinforcement in its full length, there is a very slow increase in force 
during the loading process due to poor interaction of both materials. This result signifies the need 
of large anchorage length of the smooth composite reinforcement required for the load transfer in 
the actual TRC element. The curves representing typical samples with surface modification provide 
much better results with higher contact stiffness. Grains of fine silica sand allow almost no slipping 
due to the high surface roughness. 

The contact area of the reinforcement and cementitious matrix is constant in this method, 
due to the composite reinforcement passing completely trough the HPC prism. The pull-out is 
measured by a potentiometer placed on the free end of the reinforcement protruding from the HPC 
prism which ensures activation of the reinforcement in its whole length. 

Textile reinforcement with surface treatment provides significantly better results regarding 
the crack formation and development as was also demonstrated by flexural bending test performed 
on small slabs using different variants and amounts of composite textile reinforcement. Better 
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bonding conditions lead to a very short anchorage length for reinforcement activation without a 
significant loss of force due to the loading process controlled by constant increment of 
displacement. The ultimate bending strength was also a little higher. The most visible difference in 
the results is at the beginning of the curve during the process of reinforcement activation in the 
case of 2x10 impregnated rovings with smooth surface and with surface treatment. The surface 
treatment is therefore very effective and can also have economic benefits by saving reinforcement 
material. 

It is also obvious from the presented figures that with a higher amount of textile 
reinforcement a bending behaviour similar to that of elements made of traditional materials and 
with traditional diameters of reinforcement can be achieved. This means that after the first initiation 
of cracks, there is no massive opening of cracks. This effect was achieved with a roving material 
made of alkali-resistant glass, which has a modulus of elasticity slightly higher than the HPC used. 
After impregnation with epoxy resin, the composite reinforcement as a whole even has a similar 
modulus of elasticity. It explains why such a large amount of composite reinforcement was needed 
to achieve those results during the bending test. 
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ABSTRACT 

In order to explore the variation law of soil particle displacement and pile force around piles 

during penetration process, the DEM (Discrete Element Method) model is used to test the 

penetration of pile foundation in layered soft soil foundation. The variation law of pile penetration 

force, radial pressure at pile-soil interface, friction resistance at pile side, displacement field and 

force field between particles during penetration process is analyzed. Research shows: (1) The 

penetration force increases with the increase of penetration depth and pile diameter. The increase 

of pile diameter is beneficial to overcome the influence of unfavorable strata. (2) At the same 

penetration depth, with the continuous penetration of the pile body, the radial pressure gradually 

decreases, showing a significant degradation phenomenon. The reason for the degradation of 

lateral friction is essentially the degradation of the radial pressure. (3) The distribution of contact 

force chain in different soil layers is similar, but the range of action is different. The contact force in 

silt layer is obviously larger than that in silty clay layer. The compressive stress of the soil at the 

end of the pile transfers radially with tensile stress. With the increase of pile diameter, the 

compressive stress and tensile stress in soil layer are gradually increasing, and the influence range 

of compressive stress and tensile stress is also gradually increasing. (4) The displacement of the 

soil below the pile tip is triangular, and the soil at the pile tip is squeezed around under the action 

of the pile tip. The influence range of particle displacement in each soil layer is different, and the 

influence range of particle displacement in silt layer is obviously smaller than that in silty clay layer. 

KEYWORDS 

DEM; Clay; Pile; Force; Displacement 

INTRODUCTION 

Jacked pile technology has the advantages of low noise and clean construction, and is 

widely used in engineering construction. The problem of pile penetration and its influence have 

been concerned for a long time in engineering and academic fields[1-3]. The mechanical problems 

of jacked piles can be divided into the penetration stage and the use stage according to the 

working conditions. The mechanical problems in the two stages are different, but both are complex. 

During the penetration stage of jacked pile, the pile tip strongly squeezes the soil, the displacement 

of the soil changes from small deformation to large deformation, and the pore water pressure 

changes drastically, which causes the mechanical properties of the soil to change. The pile side 

produces a reaction force, and this force is affected by many factors, such as the compressive 

modulus of the soil, the composition of soil particles, the depth of the soil layer, etc. The jacked pile 
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is often subjected to cyclic loads during the use stage. Soils will weaken under the action of cyclic 

loading, which will affect the bearing capacity of the pile.  

There are three main theories that can be used to analyze the mechanics of jacked piles: 

cavity expansion theory[4], strain path method[5], and limit equilibrium method[6], but each method 

has its limitations in application. For example, the cavity expansion theory ignores the influence of 

depth on the bearing capacity, and strain path method can only work on non-deformable soil, the 

limit equilibrium method uses the assumed slip line as the failure surface, and different assumed 

slip lines will cause large differences in the calculation results. 

Because of the imperfect theory, many scholars[7-8] use experimental methods to explore 

the penetration force of jacked piles, which are mainly divided into macro-tests and meso-tests. 

Macro-tests mostly use piles with sensors to perform penetration tests in a model box or on-site 

and collect data in real time. To study the pile-soil interaction on the meso scale, some scholars[9] 

used meso-tests methods, such as CT, white light interferometer, etc., to test the porosity and 

contact area of soil particles under force. 

Soil material is neither ideal elastomeric material nor ideal plastic material but is cemented 

or extruded by granular particles. Due to the granular characteristics of soil, the traditional 

continuum method and finite element method cannot reveal the microscopic mechanism of soil 

deformation and the law of force transfer in essence. Compared with the finite element method, the 

particle flow discrete element method has greater advantages. There are  series of independent 

motions between the particle elements, which can reveal the macro-mechanics mechanism from 

the micro-particle element level. Particle flow software can effectively simulate discontinuous 

problems such as separation and cracking of media, and it is more and more widely used in 

geotechnical engineering. Cundall[10] (1971) put forward the concept of discrete element method 

for the first time. It is also the earliest application of discrete element method[11] to solve and study 

rock mechanics problems. At present, numerical simulation of particle flow is widely used in sand 

and rock[12-15]. However, when simulating clay, it is difficult for particle flow to be used in clay due 

to the small particle size requirement, the large number of particles in the model and the 

complexity of parameter calibration. The author repeatedly calibrates clay parameters and 

simulates the process of static pressure pile penetrating into clay soil by DEM to explore the 

change law of macro and micro physical quantities. 

ESTABLISHMENT AND PENETRATION OF DEM JACKED PILE MODEL 

Formation of Layered Soft Clay Foundation 

The traditional rainfall method relies on the self-weight balance of particles to form the soil 

layer. Different self-weight results in different initial stress fields of the soil layer. Therefore, this 

paper uses the Grid Method proposed by Duan & Cheng[16] to generate soil layers. GM method 

divides the model of soil sample into many small areas. When the soil particles are generated, they 

are generated in order from left to right and from bottom to top. Finally, the soil model with 

controllable compactness and porosity is generated. 

The size of the model is 450 mm *700 mm (width *height). Twelve layers of particles are 

generated, and 119880 soil samples are generated. The height of each layer is 5 cm, and the 

upper seven layers of simulated clay layers have particle sizes ranging from 0.45 mm to 0.7 mm. 

The lower five layers are sand layers with particle sizes ranging from 1.22 mm to 1.67 mm, and the 
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initial porosity of soil samples is 0.25. Considering that the gravity field is affected by size, the 

acceleration of gravity of soil particles is increased to 40 G. The process of particle formation is 

shown in Figure 1. GMi-j, I are expressed as the number of rows in the grid, J is expressed as the 

number of columns in the grid. It is convenient to observe particle movement and distinguish the 

soil layer with horizontal and vertical color bands. 

Fig. 1 - Graphics of soil samples generated by GM method 

According to the relevant research[17-19], the contact and parameters between particles 

are assigned. The meso-physical parameters of soil particles are listed in Table 1. 
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Tab. 1 - Soil meso-parameters 

NO. Density /

（kg/m3） 

Soil 

classification 

Normal 

contact 

stiffness /

（N/m） 

Tangential 

contact 

stiffness /

（N/m） 

Normal 

bond 

strength 

/N 

Tangential 

bond 

strength 

/N 

friction 

coefficient 

1 2720 Silty clay 1e7 1e7 500 250 0.27 

2 2710 Silty soil 5e7 5e7 500 250 0.756 

3 2720 Silty clay 1e7 1e7 1000 500 0.32 

4 2720 Silty clay 1e7 1e7 1000 500 0.46 

5 2710 Silty soil 5e7 5e7 500 250 0.79 

6 2720 Silty clay 1e7 1e7 1000 500 0.502 

7 2710 Silty soil 5e7 5e7 500 250 0.78 

8~12 2650 Sand 8e8 8e8 / / 0.5 

 

Pile Penetration 

 

Fig. 2 - Pile driving process 

 

Three sizes of piles are generated in the already formed soil particle model. The length of 

the pile is 30 cm, and the diameter of the pile is 10 mm, 15 mm and 20 mm. This kind of pile is 

composed of particles that can extract force and displacement. The penetration force of the pile top 

is increased from 0kN by 50kN each time, and the changes in force and displacement are 

monitored. When the pile body is completely penetrated into the soil particles, the loading is 

stopped. 
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ANALYSIS OF DEM TEST RESULTS 

Pile-pressing Force Analysis 
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Fig. 3 - Curve of penetration force with penetration depth 

From Figure 3, it can be seen that with the increase of penetration depth, the penetration 

force increases gradually, and with the increase of pile diameter, the pile-pressing force increases 

gradually. The variation law of the curve also reflects the difference in the soil layer. From the point 

of view of the specific soil layer, the force of pile end increases rapidly and the displacement hardly 

changes when the pile end is not penetrated into the soil layer at the initial penetration stage. With 

the increase of penetration force, the penetration force keeps stable and the displacement 

increases sharply after piercing the soil layer at the pile end. 

When the end of the pile penetrates into the silt layer, the penetration force increases 

rapidly and the penetration displacement increases slowly. When penetration into the silty clay 

layer, the penetration force remains stable and the penetration displacement increases rapidly. 

When the pile tip is located in the depth of 10 cm~20 cm, 25 cm~30 cm (silty clay layer 3, 4, 

6), there is also a phenomenon of the rapid increase of pile driving displacement. Because the 

penetration force is still large after crossing the overlying soil layer, the displacement of the third, 

fourth and sixth layers of the soft soil layer increase sharply. 

During the penetration process, when the pile tip is located in the soft soil layer, the 

displacement will increase sharply, which will be restrained with the increase of pile diameter. This 

shows that with the increase of pile diameter, unfavorable soil can be overcome to a certain extent. 

The specific reasons are as follows: Figure 4 shows that the increase of pile diameter will cover 

more soil particles, and part of the particles at the end of the pile is composed of upper soil 

particles, which have been compressed and consolidated during penetration. When the end of the 

pile is located in soft soil, the increase of pile diameter will increase the proportion of consolidated 

soil particles at the end of the pile, which shows that the displacement at the end of the pile 

decreases. 
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(a) Pile diameter 10 mm             (b) Pile diameter 15 mm 

 

(c) Pile diameter 20 mm 

Fig. 4 - Particle forms of incidental soil under different pile diameters 

 

Analysis of Radial Pressure and Pile Side Friction 

Each particle composing the pile can monitor the force change in real time, and extract the 

soil pressure monitored by the pile side particle at each depth from the DEM., the curve of the 

radial pressure on the pile side with penetration depth is drawn, as shown in Figure 5. 
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Fig. 5 - Curve of radial earth pressure with penetration depth 

From Figure 5, it can be found that with the increase of penetration depth, the soil pressure 

on the pile side increases gradually; the increase of pile diameter has no significant effect on the 

trend of soil pressure increase; when the pile side is located at the depth of 10 cm~20 cm, 25 

cm~30 cm (silty clay), the soil pressure increases slightly with the depth fluctuation; When the pile 

side is located in the depth of 5 cm~10 cm and 20 cm~25 cm (silt), the soil pressure increases 

obviously with the depth. With the increase of penetration depth, the earth pressure at the same 

depth decreases slightly. 

The frictional resistance of each section of the pile side during penetration into the soil is 

monitored, and the curve of frictional resistance of pile side with penetration depth is drawn as 

shown in Figure 6. 
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Fig. 6 - Curve of side friction resistance with penetration depth 
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According to Figure 6, it can be found that the variation of pile side friction with penetration 

depth is consistent with that of pile side soil pressure with penetration depth. With the increase of 

pile diameter, the frictional resistance of the pile side also increases gradually. This is because, 

with the increase of pile diameter, the effect of squeezing soil is more obvious, resulting in an 

increase of side friction. At the same penetration depth, the variation of lateral friction is the same 

as that of soil pressure at the pile side. With the increase of penetration depth, the lateral friction 

decreases gradually, and the obvious weakening phenomenon appears. This phenomenon is 

called "shear weakening" by Heerma[20], and "h/R" effect by Bondilph[21]. The variation law of 

side friction is consistent with that of earth pressure, which also shows that the essence of the 

degradation of side friction is the degradation of earth pressure. 

Analysis of soil movement around pile 

Taking a model pile with a diameter of 20 mm as an example, the movement of soil around 

the pile is analyzed when the pile passes through different soil layers during penetration. 

   

（a）Penetration from silty clay layer to silt layer （b）Penetration from silty layer to silty clay layer 

Fig. 7 - Changes of soil around pile 

From Figure 7, it can be seen that when the pile penetrates into different soil layers, the 

form of soil breakage is different. Figure 7 (a) shows that the shear band between pile and soil is 

wider and filled with silty clay when the end of pile is penetrated from silty clay layer (yellow) to silty 

soil layer (red), but the width of shear band between pile and soil decreases with the increase of 

penetration depth. This is because: when the end of the pile is penetrated from soft soil to hard soil, 

punching failure occurs when the end of the pile penetrates into the soil, resulting in a wider shear 

band between the soil layer and the pile. As the pile continues to penetrate, the width of the shear 

band decreases with the increase of the lateral earth pressure of the pile in the hard soil layer. 

Figure 7 (b) shows that when the end of the pile is penetrated from silt (red) to silty clay 

(blue), the shear band between pile and soil is narrower and there are fewer silt particles filled. It 

shows that when the end of the pile penetrates into the soft soil layer from the hard soil layer, the 

end of the pile penetrates into the soft soil, resulting in a narrow shear band between the soil layer 

and the pile. 
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Particle displacement analysis 

In the process of pile driving, the change of contact force is essentially the expression of 

particle movement and redistribution. DEM software can monitor the displacement of soil particles 

in real time. The displacement distribution of particles in different soil layers was obtained by DEM. 

The direction of the black arrow indicates the direction of the particle displacement, and the length 

of the arrow indicates the size of the displacement. 

Fig. 8 - Particle Displacement Diagram after Pile Driving 

From Figure 8, it can be seen that the displacement of soil around piles in different soil 

layers is quite different. In the process of penetration, the particles in the first soil layer move 

upward due to the compaction effect, and the macroscopical behavior is the uplift of the top soil 

during penetration. This is also one of the reasons why the friction resistance and radial pressure 

of pile side are smaller in the early stage of penetration. In the third soil layer, the horizontal 

displacement is the main one, because the third soil layer is silty clay layer, the contact stiffness 

and friction coefficient are small and the cohesion is large, so the horizontal displacement is easy 

to occur under the action of soil compaction. The fifth layer is silty soil with larger contact stiffness 

and friction coefficient. Compared with silty clay, the soil is harder and the effect of particle 

extrusion is stronger. Under the condition of pile penetration shear, the downward displacement 

occurs, which shows that the particles move downward obliquely. 

Through Figure 8, it is found that the influence range of particle displacement in different 

soil layers is different after penetration. The influence range of particle displacement of silt layer is 

obviously smaller than that of silty clay layer, which indicates that the displacement of hard soil 

layer during penetration is smaller than that of soft soil layer, which corresponds to the conclusion 

that the sensitivity of soft soil is high, the structure is strong, and the strength of soil decreases 

more obviously after disturbance. 

Layer3 

Layer1 

Layer5 
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Fig. 9 - Pile tip particle displacement diagram during penetration 

Pile diameter 20 mm penetration process is shown in Figure 11. By enlarging the red area 

at the end of the pile, it can be found that the displacement of the soil at the end of the pile 

presents a "triangular" distribution, indicating that the soil at the end of the pile is squeezed around 

under the action of the force at the end of the pile. 

Analysis of contact force chain 

Contact force chain refers to the average force between particles and the effective stress in 

soil. After the foundation model is generated and given the contact model, force chains will be 

generated between particles according to the position and displacement of particles. The thickness 

of black line in the force chain diagram represents the size of contact force, the direction of black 

line represents the direction of contact force, and the red force chain represents the tensile stress. 

In the process of pile penetration, the force chain will change. 

Fig. 10 - Force Chain Diagram after Soil Layer Generation 
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From the Figure 10, it can be seen that the contact force generated by deadweight 

increases gradually from top to bottom, and the transmission direction of the force chain is mainly 

vertical, there are also smaller horizontal and inclined bifurcations, showing a clear tree network. 

（a）penetration 2 cm 

（b）penetration 7 cm 

（c）penetration 10 cm 
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（d）penetration 20 cm 

Fig. 11 - Force chain changes at different depths 

Figure 11 shows that in the initial stage of penetration, the force chain at the end of the pile 

is concentrated and radiated around, and the force chain at the side of the pile is sparse, indicating 

that the soil at the end of the pile bears most of the penetration force and the frictional resistance at 

the side of the pile is smaller at the initial stage of penetration. With the continuous penetration of 

the pile and the continuous extrusion of the soil, there is a large horizontal force chain near the pile 

side. With the increase of the distance between the soil and the pile side, the large horizontal force 

chain gradually changes into a force chain under self-weight. 

The range of action of force chain in different soil layers is different, and the range of action 

of hard soil is larger. In silty clay layer, the tension and compression stress concentrates near the 

pile. With the increase of distance, the tension stress gradually disappears, and the compression 

stress gradually decreases to the contact force under self-weight. 

The contact force of silt layer is obviously greater than that of silty clay layer, and the stress 

of the soil beside the pile in silt layer also shows a horizontal direction, and the action range of 

tension and compression stress is larger. 

（a）Pile diameter 10 mm （b）Pile diameter 15 mm 
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（c）Pile diameter 20 mm 

Fig. 12 - Variation of force chain under different pile diameters 

 

From Figure 12, it can be found that with the increase of pile diameter, the compressive 

stress and tensile stress in the soil layer are gradually increasing, and the influence range caused 

by soil compaction effect is also gradually increasing. From the comparison of Figures 12 (a) (b) (c), 

it is found that with the increase of pile diameter, the transmission direction of the force chain 

becomes vertical and the force chain increases gradually. This is because the cohesion of silt layer 

is smaller and the contact stiffness is bigger, so horizontal displacement is not easy to occur; while 

the cohesion of silty clay layer is bigger and the contact stiffness is smaller. Under the extrusion 

force of pile body and soil, the particles at the interface of silt layer and silty clay layer tend to move 

in the direction of smaller contact stiffness, resulting in larger vertical compressive stress at the 

interface between silt layer and silty clay layer. 

With the increase of pile diameter, the greater the extrusion force between pile and soil, the 

greater the movement displacement of soil particles, and the greater the compressive stress 

between particles at the interface. 

CONCLUSION 

(1)  The penetration force increases with the increase of penetration depth and pile diameter. 

The increase of pile diameter is beneficial to overcome the influence of unfavorable strata. 

(2)  At the same penetration depth, with the continuous penetration of the pile body, the radial 

pressure gradually decreases, showing a significant degradation phenomenon. The reason for the 

degradation of lateral friction is essentially the degradation of the radial pressure. 
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(3) The distribution of contact force chain in different soil layers is similar, but the range of

action is different. The contact force in silt layer is obviously larger than that in silty clay layer. The

compressive stress of the soil at the end of the pile transfers radially with tensile stress. With the

increase of pile diameter, the compressive stress and tensile stress in soil layer are gradually

increasing, and the influence range of compressive stress and tensile stress is also gradually

increasing.

(4) The displacement of the soil below the pile tip is triangular, and the soil at the pile tip is

squeezed around under the action of the pile tip. The influence range of particle displacement in

each soil layer is different, and the influence range of particle displacement in silt layer is obviously

smaller than that in silty clay layer.
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ABSTRACT 

The article presents the evaluation a building technical survey of a damaged historic rectory 
building in Luby near Cheb, it analyses the damage and proposes conceptual ideas for the 
rehabilitation design of a historic building damaged by the effects of natural seismicity applying the 
results and outputs of the NAKI II research project.  

KEYWORDS 
Natural seismicity; Historic building; Building technical survey; Stiffness of masonry 

structure; Additional prestressing  

INTRODUCTION 

The number of prominent historic and heritage buildings (over 40,000 immovable 
monuments situated on the territory of Bohemia, Moravia and Silesia), their cultural and historical 
value and the resources that must be spent on their restoration require special care for their 
protection and restoration.   

The restoration and rehabilitation of historic and heritage masonry buildings, in many cases, 
requires the strengthening and rehabilitation of damaged and degraded masonry of pillars, walls 
and vaults of stone, brick, mixed or multi-leaf and half-timbered masonry, which is often in varying 
degrees of degradation and failure. In the case of historic buildings exposed to the effects of 
extraordinary loads and effects (undermined areas, areas susceptible to flooding and floodplains, 
mining areas, traffic-intensive areas, seismic areas), their spatial stability and residual structural 
capacity must be secured. 

Severe earthquakes with a focus located on the territory of the Czech Republic or in its 
immediate vicinity are known from historical sources. Even today, weaker earthquakes are 
detected mainly in western and north-eastern Bohemia - in border areas with Germany and 
Poland. The strongest of them, which are also felt by the inhabitants, may be the cause of failure of 
historic buildings. According to [1], eight regions characterized by seismic hazards of up to the 
intensity of 7° on the MSK – 64 scale (ca 500 mm.s-2) can be delimited in the Czech Republic – 
Kraslice Region (7°), Český Les (6°), the eastern part of the Krušné Mountains (6°), Silesia (6°), 
north-eastern Bohemia (7°), the Western Carpathians and the Carpathian Foredeep Basin (7°), 
South Bohemia (6°), South Moravia (6°). A total of over 18000 cultural monuments and 133 
national cultural monuments are situated in these regions [2] (Figure 1).  

mailto:cejka@fsv.cvut.cz
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Fig. 1 - Illustration of damage to historic buildings in seismically active regions – a) Hartenberg 
Castle, Josefov (end of 12th and beginning of 13th century.), b) St. Anna’s Church, Karlovy Vary – 

Sedlec (18th century) 

The above facts testify to the need to address the issues related e.g. to the response of 
historic structures to the effects of natural seismicity, their potential consequences and the 
influence on their failure and residual structural capacity. 

Earthquakes in the Czech Republic are usually concentrated in so-called swarms. An 
extremely strong swarm with the most active earthquakes was recorded in the Kraslice Region 
(western Bohemia) during the period of increased seismic activity at the turn of the 19th and 20th 
centuries. After a following period of rest, a stronger seismic swarm was registered in the area of 
the settlement of Nový Kostel in 1936 - 1937 and 1985 - 1986 reaching a local magnitude of 4.6 
(intensity of 7° on MSK – 64). This earthquake intensity may cause damage to buildings - cracks, 
damage to plaster layers, falling off roofing, etc. More recently, increased seismic activity has been 
recorded again since 1997. At the end of 2000, a strong shock reached a local magnitude of 3.4 
and was felt by the residents of Cheb, Sokolov, Karlovy Vary and Tachov Regions. A strong 
earthquake swarm was registered from August 2001, comprising over 1,500 earthquakes recorded 
in its eight phases, of which more than 5% were also felt by the local population [3]. The last major 
earthquake that has hit the Czech Republic so far occurred in May 2014. Its epicentre was located 
in the Cheb Region, in the settlement of Nový Kostel, 8.5 km below the Earth’s surface, and the 
shocks could be felt as far as Central Bohemia and Prague. The earthquake’s magnitude of 4.6 
made it comparable to the earthquake of December 1985, and it became one of the strongest 
earthquakes in the last 100 years. 

In addition to the above-mentioned areas, the majority of the territory of the Czech Republic 
is characterized by a seismic hazard of up to the fifth degree, and South Bohemia and Moravia up 
to the sixth degree MSK - 64 (the influence of Eastern Alpine and West Carpathian earthquakes). 
According to the seismic hazard map of the Czech Republic (Annex to the National Application 
Document to Eurocode 8), the manifestations of natural earthquakes with a macroseismic intensity 
in the range of 6 to 6.5 ° MSK - 64 can be expected mainly along the perimeter of the Bohemian 
Massif, with quasi-effective acceleration values ranging from 0.06 to 0.4 g. 

Structures with insufficient spatial stiffness and insufficiently rigid foundation structures tend 
to be highly susceptible to dynamic effects caused by technical and natural seismicity [4]. The 
extreme sensitivity to dynamic effects caused by seismicity are, for example, typical of masonry 
buildings without bond beams, or beam and wall ties, with ineffective beam ties situated in 
degraded masonry, with an insufficiently rigid supporting system of vaults, buildings with yielding, 
e.g. joist and beam ceilings, with vaults without bowstrings and with insufficiently deep rigid
foundations, unbonded foundations and inappropriate foundation subsoil [5, 6]. The type of
masonry failure under dynamic loading with vibrations corresponds essentially to brittle fracture. At
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relatively low vibrations, the masonry breaks due to fatigue not only in joints, but also in masonry 
units. Vertical cracks occurring in the perimeter walls of castle and church towers are also, in many 
cases, caused by seismic effects (including low-cyclic temperature effects and dynamic effects of 
heavy bells) [6]. 

For the sake of simplicity, the movement during an earthquake can be assumed to be a 
simple harmonic motion - continuous, similar to the oscillatory motion characterised by an 
amplitude, period, velocity and acceleration. Building structures in regions with high seismicity are 
also assessed for the values caused by seismic movements of the foundation soil, for the effect of 
inertial forces acting at different points of the structure, concentrated at the level of individual floors.  

The horizontal movement of the Earth’s surface during an earthquake reaches 0.3 to 0.5 
times (or more) the gravitational acceleration - this horizontal component has the most severe 
impacts on buildings. A frequent cause of failures of masonry structures is the relatively low tensile 
strength of masonry and low ductility, which is the cause of considerable sensitivity of these 
materials (masonry structures) to the effects of forced deformations. The consequences of this 
property are, in many cases, manifested locally by stress states with a significant tensile 
component. The severity and intensity of seismic (dynamic) effects spreading through the soil, 
caused primarily by natural seismicity, depends, among other things, on the execution method and 
the properties of the foundation structures of the building. The composition of the geological 
environment and its mechanical properties affect the magnitude of vibrations from the subsoil, 
which may be amplified or damped by this composition. Natural frequencies - of soils of the 
overlying formations on the bedrock - are a major agent in terms of the propagation of vibrations 
through the subsoil. In the conditions of the Czech Republic, the usual thickness of soils on the 
bedrock is 2-4 m. In this case, the natural frequencies of the soil on the bedrock may approach the 
natural frequencies of buildings, and, as a result, the transmission of vibrations from traffic into 
building structures is amplified by the so-called resonance effect [7]. The failure of masonry 
structures may also occur due to the secondary excitation of subsoil movements in the vicinity of 
non-stabilized geological conditions.  

The effect of seismic undulation of the subsoil with direct contact is first transmitted to the 
foundation structure of the building, exerting cyclic horizontal deformations of the foundation in 
response to the cyclic movements of the subsoil, which are transmitted to higher floors via the 
underground (lowest) floor depending on the shear and flexural stiffness. The magnitude and type 
of the horizontal deformation depends mainly on the stiffness of the structure of individual floors or 
the substructure. The highest values of stresses or horizontal (shear) deformations related to the 
distribution of the load-bearing system’s stiffness along the height of the building are on the lowest 
floors, situated between the foundations and the superstructure, or in the substructure. In this 
perspective, systems with a relatively low stiffness on these floors – e.g. spacious halls, temple 
naves, etc. - represent the weakest, critical point, usually with the lowest resistance to seismic 
effects [8, 9]. 

 

LUBY RECTORY  

The in-situ experimental activity aimed at the influence of seismic effects on historic 
structures carried out in the historic building of the Luby Rectory included the building technical 
survey, numerical analysis and, based on them, the identification of the likely cause of failures in 
the building and design of potential rehabilitation measures. 

 

Brief description of the building 

The rectory building in the settlement of Luby was built at the end of the 17th and the 
beginning of the 18th century, and is situated in the immediate vicinity of St. Andrew’s Church, 
which is dated back to the 11th century. In 1739, the rectory was reduced to ashes, and only parts 
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of load-bearing walls on the 1st overground storey remained. After the fire, the rectory was 
restored, but in 1865 it burned down again and was newly restored (Figure 2). Up to now, no major 
construction work has been done in the rectory building. As part of routine maintenance, the 
roofing and windows were replaced, bathrooms and toilets were gradually installed inside the 
building, and ceilings were replaced in some rooms. Throughout the whole time of the building’s 
existence, cracks caused by the assumed effects of earthquakes have been repeatedly repaired. 
The rectory has served its purpose with varying intensity until the present day. 

 

Fig. 2 - Luby Rectory – a) southern elevation, b) eastern elevation 

 

Structure of the rectory building 

The rectory building is a two-storey masonry, partially cellared structure with a pitched roof 
with hips.  

The vertical load-bearing structures are founded on strip footings of stone masonry or hand-
placed rockfill. According to the information available, the building should be partially based on 
bedrock and partially on made-up ground and sediments. The underground floor is supported by a 
stone masonry vaulted structure with a rise of 2.2 m and a span of 4.5 m starting at the floor level. 
The overground vertical load-bearing structures are made of stone or mixed masonry. The 
thickness of perimeter walls on the 1st overground storey, including plasters, is ca 1000 mm, on the 
2nd overground storey ca 500 mm. The interior load-bearing walls laid out in both directions are 350 
and 500 mm thick. The thickness of partitions is 150 and 200 mm. The heads of window sills and 
door openings in the load-bearing walls are vaulted.   

The floor structure over the 1st and 2nd overground storey consists of a wooden beam floor 
with a soffit (span of ca 3.5 to 5.2 m). The floors in the residential spaces are wooden, the corridors 
and sanitary facilities are tiled.  

The staircase leading from the ground floor to the first floor is a clockwise curvilinear 
staircase. The stair treads made of stone are mounted in the walls at both ends.  

The load-bearing structure of the roof cladding consists of a collar-beam roof supported by 
purlins. The 160/160 strutting beam is located in each truss. Purlins with dimensions of 140/200 
are mounted on 140/200 columns. The columns are anchored by 100/100 braces securing the 
stiffness of the roof truss in the transverse direction, and 120/120 strips securing the longitudinal 
stiffness of the roof truss. The 140/200 columns are embedded in tie beams at the floor structure 
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level. 120/140 rafters are supported by strutting beams and headers. Headers are used in 
intermediate rafter trusses. The roof truss load-bearing structure applies tie beams, strips and 
braces for the horizontal reinforcement of the roof structure. Asbestos slate roof cladding is laid on 
an overall formwork of planks.    

The windows are wooden with insulating double glazing. The entrance and most of the 
interior doors are massive wooden doors, and new modern smooth doors are fitted in the 
additionally installed sanitary facilities. 

ANALYSIS OF FAILURES IDENTIFIED DURING A PRELIMINARY VISUAL BUILDING 
TECHNICAL SURVEY 

Failures identified during a preliminary visual building technical survey 

The preliminary building technical survey included the detection of defects and failures of 
varying relevance in the building. In accordance with the building and historical development and 
the effect of degradation processes, traces of increased moisture contents are visible on vertical, 
mainly perimeter structures, parts of horizontal structures, and the most part of vertical load-
bearing and non-load-bearing structures are damaged by cracks. The type of visible traces of 
increased moisture contents corresponds to the missing or non-functional insulation against rising 
damp. The results of the survey do not point out any biological degradation and weakening of the 
wooden members of the roof truss structure and ceilings manifested by increased deformations.  

The damage to the rectory building in the form of cracks is evident both on the facade and 
on the internal load-bearing and dividing structures. There are tensile or, to a lesser extent, shear 
cracks. Looking at the facade cracks occur most often in the corners of openings. The cracks are 
found on both overground storeys, they have a slightly inclined shape and interconnect the 
superimposed window or door openings. A typical crack found in the facade begins on the eaves, 
continues to the window head on the 2nd overground storey, then passes across the window sill to 
the window head on the 1st overground storey, and from there it continues via the window sill of the 
1st overground storey as far as the masonry footing. Some cracks branch into several other cracks. 
The crack width varies along the building’s height. The narrowest cracks are above the foundations 
and gradually widen towards the roof. Cracks are found both in surface finishes and the masonry. 
Cracks occur with varying intensity on all facades, but the building has suffered most damage on 
the north and east facades (Figure 3).  

At the entrance to the building on the 1st overground storey, there are prominent cracks in 
the right and left corners of the room separating the transverse load-bearing walls from the 
southern perimeter wall of the building. Cracks of a similar type are found in all connections of 
internal and perimeter vertical structures on the ground floor. The cracks in the corners of rooms 
are, in some parts, followed by a number of inclined cracks in the load-bearing walls. There are 
cracks in the vaulted heads of the openings extending into the ceilings of the floor structure where 
they often copy the connections of individual structural members of the soffit. The cracks on the 1st 
overground storey are most often found in the places of connections of structural members – e.g. 
the connection of the interior and perimeter walls, in the cavettos of the floor structure’s connection 
to the load-bearing walls, mounting of the vaulted strip in the masonry, etc.  
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Fig. 3 - Schematic drawings of the rectory with marked failures and points where photographs were 
taken – a) plan of 1st overground storey, b) plan of 2nd overground storey, c) southern elevation, d) 

western elevation, e) northern elevation, f) eastern elevation 
The type of cracks on the 2nd overground storey is similar to that on the 1st storey. The 

cracks most commonly occurring there are vertical or slightly inclined cracks in the corners of 
rooms, cracks in walls and partitions, in the vaulted heads of window and door openings and 
cracks between individual ceiling elements. On the 2nd overground storey, the rectory building is 
damaged by more prominent cracks than on the 1st storey. The most prominent - widest cracks are 
found in the eastern part of the building, where they are 2.5 to 4 mm wide in the perimeter wall. 
These cracks originate from a horizontal crack separating the floor structure from the perimeter 
wall, continue all the way to the window recess and then further on across the window sill. Due to 
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the type and location of these prominent cracks, it can be assumed that unless their further 
development is prevented, they may become the cause of a significant decrease in the structural 
capacity of the building as a whole in the future (Figure 4). 

No reinforcing structures (visible tie cotters of beam or wall ties), or marks of additionally 
installed stiffening structures were found in the building, neither in the interior, nor in the exterior 
during the preliminary building technical survey. 

 

 

Fig. 4 - Illustration of damage to the building 

 

Numerical model of the structure 

To verify the assumption of seismic loading as a possible cause of the detected failures of 
the masonry structure, a spatial model of the structure was created in the Scia Engineer 19.1 
programme on the basis of data obtained during the building technical survey. 

The main load-bearing elements of the structure were modelled - load-bearing and 
reinforcing walls, masonry partitions, floor joists, vaulted arches and truss structures. The walls and 
partitions were discretized using planar elements with 4 nodes with an edge size of 250 mm. The 
average number of 1D finite elements on bar members was 10. The total number of elements was 
11,077, of which 7,738 were planar elements. Linearly elastic characteristics of the used materials 
- masonry and wood - were considered. The modulus of elasticity of the masonry considered was 
3.1 GPa and Poisson's ratio 0.2. The mechanical characteristics of wood were kept according to 
the default settings of the computer programme.  

Figure 5 displays the computational model and the first mode shape of the structure. The 
first mode shape corresponds to the theoretically identified first natural frequency of 4.29 Hz. The 
largest theoretical deformations are located in the eastern gable and correspond to the most 
extensive damage found on the site. The calculated values of deformations in the places of failures 
exceed the deformation values for the formation of tensile cracks in the masonry.    



  Article no. 34 

THE CIVIL ENGINEERING JOURNAL 3-2020 

--------------------------------------------------------------------------------------------------------------- 

 DOI 10.14311/CEJ.2020.03.0034 392 

Fig. 5 - a) computational model of the building, b) building’s first mode shape 

Analysis of the results of a building technical survey and numerical analysis 

Due to the type of cracks, we may assume that the change in physical and mechanical 
properties of the masonry or its components caused by rising damp is not the main cause of 
cracking. Likewise, the temperature differences in individual structures have a minimal effect on 
the formation and development of cracks due to their occurrence. The occurrence of cracks in the 
connections of individual structures indicates their insufficient bonding. The type of structure and its 
missing adequate reinforcement (at least at the ceiling level) against horizontal loading effects also 
allow further development and propagation of cracks.  

The first mode shape of the structure identified on the basis of numerical analysis and 
associated deformations confirm the assumption of seismic loading as a possible cause of failure 
of the masonry structure. 

Based on the analysis of the information and findings obtained during the evaluation of the 
preliminary building technical survey, we may assume that the cause of the occurrence and 
development of cracks are the effects caused by seismic loads. 

DESIGN OF REHABILITATION MEASURES 

Due to the probable cause of the occurrence and development of failures in the building 
and the type of structure (masonry structure of stone and mixed masonry without reinforcing 
elements or with non-functional reinforcing elements), the most appropriate rehabilitation method is 
to increase the stiffness of the structure by its additional bracing and prestressing by means of 
steel ties and prestressing cables, or by carbon fibre-based lamellas. The cracks must be grouted 
or filled before prestressing the structure. The bracing and prestressing of masonry structures is an 
effective and reliable protective measure for damaged masonry structures.  

A reliable function of beam ties and tie rods, their immediate (not delayed) effectiveness is 
the most reliable prevention of the appearance or continuing development of tensile and shear 
cracks in masonry. By using prestressing ropes, cables and lamellas, higher values of masonry 
prestressing can be achieved compared to steel tie rods. Before mounting tie rods or cables, ropes 
and lamellas and designing prestressing forces, the stresses in the masonry must be assessed in 
terms of the prestressing method and the position of e.g. prestressing cables in relation to the 
prestressed masonry core and the spatial stiffness of the structure (masonry stresses in the 
direction of masonry bed joints), and it must be ensured that  the additional pushing of anchor 
plates does not cause a significant decrease in the prestressing force and thus a reduction in the 
masonry prestressing effectiveness. Before grouting the grooves and anchors, it is necessary to 
check the stability (to avoid a decrease) of the prestressing force in the cables and tie rods.  



  Article no. 34 

THE CIVIL ENGINEERING JOURNAL 3-2020 

--------------------------------------------------------------------------------------------------------------- 

 DOI 10.14311/CEJ.2020.03.0034 393 

Additional reinforcement of historic masonry buildings currently mostly applies the bracing 
of masonry with steel tie rods of circular cross-sections, strip steel, or prestressing patent wires 
inserted in grooves up to 150 mm deep arranged in both directions of the building (Figure 6). 
Another solution is an effective and controlled activation of the existing wall or beam ties, tie rods 
and load distribution anchor plates (e.g. by additional activation of the beam tie attached to the 
rehabilitated joists). 

Fig. 6 - a) Bracing walls with circular steel sections, b) temporary bracing of masonry [10] 

In some cases, a newly executed bond beam of reinforced concrete or prestressed 
concrete may serve as “passive” static protection (stiffening) (e.g. during a complex roof truss 
replacement, extension of a building, etc.). 

Rehabilitation with CFRP lamellas 

Damaged masonry buildings with insufficiently functioning tie rods and beam ties, or with 
the absence of wall and beam ties in some historic buildings can be reinforced with lamellas based 
on carbon or aramid fibres fitted in their end parts with special metal anchoring elements enabling 
the activation or pre-tensioning of the lamellas to the required force. Steel load distribution plates 
or special prestressing devices must be mounted in the anchoring parts of the lamellas and the 
masonry must be reinforced (Figure 7) [11, 12]. 

A lamella based on carbon or aramid fibres can be attached in a special metal anchor 
sleeve of enclosed shape with a wedge-shaped hole for passing the lamella through it, which 
allows its anchoring by metal wedge-shaped plates with a special surface treatment on both sides 
– a roughened surface at the contact with the lamella and grooves at the contact with the enclosed
anchor sleeve similarly provided with grooves enabling reliable clamping of the lamella and
preventing its slipping (slacking). The lamella-metal anchor plates contact surfaces should be
treated with epoxy resin before adjustment. The lamellas can be prestressed by means of
prestressing (spacer) screws fastened to the sleeves using so-called “torque” wrenches.

Lamellas (beam ties) can pass along wooden floor beams or steel floor joists, or on the 
upper surface of subfloor planks, and must be secured in position by clips at a 1.5 - 2 m spacing. 
Depending on specific conditions and in accordance with the requirements for fire resistance or 
protection against mechanical failure, the lamellas based on carbon or aramid fibres can be 
protected by special fire-resistant cover strips, fire-retardant coatings, etc. In this modification, the 
prestressing by a lamella is imposed into the structure by a “solitary” force acting on both ends of 
the lamella in the place of the anchor sleeve and the load distribution plate. Securing the required 
effectiveness of prestressing cables, prestressing steel tie rods and carbon lamellas requires that 
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prestressing should be applied to the existing masonry structure along the entire length of the 
prestressing tie rod, lamella, etc. (Figure 8). In cases where a prestressed lamella, fixed by the 
prestressing device and laid in a shallow groove is coated with structurally effective plaster, 
adhesive sealant, an adhesive layer, etc. and the prestressing device is only released after the 
required strength of this “covering and fixing” layer has been reached, the prestressing force can 
be applied along the entire length of the lamella (Figure 8). This solution usually removes extreme 
stresses in the place of prestressing devices and anchor plates [10].   

 
Fig. 7 - Reinforcement of damaged masonry buildings with insufficiently functioning tie rods and 

beam ties or with their absence by means of lamellas based on carbon or aramid fibres 

 

 

Fig. 8 - Stresses in masonry in the end area of prestressing members 

The magnitude of prestressing forces must be identified by a structural calculation in 
accordance with the time pattern and magnitude of horizontal normal stresses and shear stresses 
and the condition of masonry.  
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Special attention must be paid to the treatment of masonry and surfaces in the places of 
anchor plates (corrosion protection, damaged integrity of surface treatment, effects of moisture and 
temperature near the anchors, etc.). 

Lamellas 60 - 100 mm wide and 2 to 4 mm thick fitted with special anchoring and 
prestressing elements can be applied directly onto undamaged, treated and ground masonry to 
create a smooth surface without protrusions. In the case of masonry with damaged surface layers, 
after removing the damaged and incohesive parts of the masonry, the lamellas are applied onto 
the masonry surface levelled with a thin layer of polymer modified cement or lime-cement mortar, 
or onto the treated surface of damaged masonry after its previous grouting and the repair (sealing) 
of cracks using a similar method as in the case of steel cables and tie rods. Depending on the 
depth of the lamella sinking in the masonry, the stresses and stability of the wall must be assessed 
taking into account the masonry thickness, prestressed lamella position, distance of the walls laid 
out perpendicular to the prestressed wall, the prestressing force magnitude and, as a rule, the 
large eccentricity of prestressing forces. Also, the perimeter wall must be stabilized against 
buckling by transverse walls or struts (e.g. pipes into which transverse expansion lamellas – collets 
are inserted). Proper remediation requires the wall to be braced so that the resultant bracing force 
passes through the core of the cross-section, i.e. the tie must be placed at the outer and inner face 
of the wall. For small prestressing forces (small forces caused by the effects of seismicity), it is 
possible to place prestressing elements only at one wall surface.  
          The anchoring areas of prestressed reinforcing lamellas must be fitted with metal load 
distribution plates, mounted on the reinforced masonry, modified for mounting the anchoring metal 
elements at the ends of reinforcing lamellas.   

In cases of active prestressing of lamellas to higher tensile force values, the building must 
be prestressed around the perimeter by means of lamellas anchored in “L”-shaped corner metal 
load distribution plates located in the corners of the building at one height level. The prestressing 
must be performed gradually by alternately applying the prestressing force in both directions (see 
Figure 7).  

Depending on specific conditions and in accordance with the requirements of fire resistance 
or protection against mechanical failure, the lamellas based on carbon or aramid fibres can be 
protected by special cover strips made for this purpose, fire protection coatings, plaster or they can 
be laid in a groove filled with a polymer modified cement screed applied after the mounting of 
lamellas.  

Another possibility of horizontal reinforcement of e.g. perimeter masonry is the stiffening 
(strengthening) of masonry by means of lamellas based on carbon fibres 40 - 100 mm wide, 
inserted in a widened groove in the bed joint, or in a groove cut outside the bed joint (in irregular 
masonry without a continuous bed joint) deeper by min. 20 to 40 mm than the width of the 
reinforcing lamella. After cutting and cleaning, the horizontal groove is filled with a special mixture 
based on polymer modified cement with an adequate consistency to enable pushing the lamella 
into the joint. In another case, the lamella can be inserted into an open joint, and subsequently, 
after the joint is sealed and the lamella prestressed, the joint is injected (sealed) with a polymer 
modified cement mixture.  

Reinforcing lamellas can be installed in any place depending on the structural 
requirements, the occurrence of cracks and the extent of damage (e.g. in every 3rd bed joint, in 
thirds of the masonry height, etc.). 
         The advantage of the proposed masonry reinforcement, in addition to the variability of the 
distribution of lamellas along the height of the masonry (building), is mainly limited disturbance of 
the historic masonry, preservation of the original appearance and dimensions of the masonry 
structure – after the installation of reinforcing carbon lamellas into the bed joints or horizontal 
grooves and the mounting of metal anchoring elements, the masonry can be coated with plaster in 
the original thickness, quality and composition (does not require the execution of demanding 
covering layers).   
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Rehabilitation of the rectory building with lamellas based on carbon or aramid fibres 

A numerical analysis of reinforcing (prestressing) of the building using lamellas based on 
carbon or aramid fibres is performed as a part of building’s rehabilitation design. The reinforcing 
was introduced into the computational model of the building in two steps. In the first step, the 
reinforcing of perimeter walls at the level of the ceiling of the1st and 2nd floors and reinforcing of the 
building’s corners were modelled. Figure 9a shows the first mode shape of the building with 
reinforcement. The maximal values of deformation decreased to 70 % of the values of deformation 
of the building without prestressing (see Figure 5). The calculated first natural frequency increased 
to 5.12 Hz. In the second step, in addition to the reinforcing of perimeter walls, the reinforcing of 
inner walls was introduced. The character of the first mode shape has slightly changed and the 
largest values of calculated deformations also occur on the opposite side of the building (Figure 
9b). The maximal value of deformation reaches approximately 60 % of the deformation of the 
building without prestressing and it decreased by 15 % in comparison with the value of deformation 
for reinforcing only of the perimeter walls. The theoretically determined first natural frequency of 
the building with reinforcing of perimeter and inner walls was 6.22 Hz. The numerical analysis 
confirmed the positive effect of prestressing on increasing the rigidity of the building.  

 

Fig. 9 - Building’s first mode shapes: reinforcing of perimeter walls (a), reinforcing of perimeter and 
inner walls (b) 

The proposed rehabilitation method - increasing the stiffness of a two-storey historic rectory 
building in Luby damaged by the effects of natural seismicity - with the use of lamellas based on 
carbon, or aramid fibres is displayed in Figure 10.  

The rehabilitation method respects the results of executed numerical analysis. Additional 
reinforcing prestressing elements are designed at the level of the ceilings of 1st and 2nd floor in the 
perimeter walls and inner load-bearing walls. Due to the absence of beam anchors, the reinforcing 
system is extended by the reinforcement of wooden beam ceilings in places of missing or non-
functional anchors using lamellas based on carbon or aramid fibres and resins. The use of 
prestressing elements was verified in a performed numerical analysis. 

The diagram shows the position of prestressing lamellas, the location of anchoring and load 
distribution elements. The position of individual elements of the additionally executed reinforcing 
system of the masonry structure is chosen so as to minimize the interference with the historic 
structure, but, at the same time, maximize its stiffness gain. 
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Fig. 10 – Scheme of the rectory building with a marked layout of FRP lamellas and steel anchoring 
and load distribution sections 

 
SUMMARY 

The preliminary building technical survey, the analysis of its results and the numerical 
analysis allowed identifying the most likely cause of damage to the historic rectory building in Luby 
near Cheb. The results obtained during the previous research within the NAKI research project 
were used in the conceptual design of the rehabilitation of a historic building damaged by the 
effects of natural seismicity consisting in increasing the building’s stiffness. Compared to the 
reinforcement of the structure with steel prestressing elements, the properties of the used 
prestressing elements enable reducing the negative impacts of the designed rehabilitation method 
on the historic structure. 
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ABSTRACT 

This study is focused on the evaluation of the displacement capacity of RC shear walls using 
both experimental and analytical results. The first observation of the study is that few experimental 
results for slender RC shear walls having thicknesses larger than 150 mm are available in the 
literature. From the experimental database, it was observed that the mean and the median ultimate 
drift of squat RC shear walls is about half of that obtained for slender RC shear walls.  Considering 
the limitation of the experimental database, the simple empirical model for the ultimate drift ratio of 
slender RC shear walls proposed in this study is also based on available analytical results from the 
literature. The model provides a good fit with the observed results and besides, due to the fact that 
it does not require sectional analysis of the element, it allows a rapid assessment of the displacement 
capacity of slender RC shear walls as a function of the seismic design code parameters. The 
proposed formula can be inserted in future revisions of the seismic assessment guidelines for RC 
structures for rapid seismic evaluation purposes. 

KEYWORDS 
Regression analysis; Correlation coefficient; Experimental database; Numerical modelling; 

RC shear wall; Displacement capacity   

INTRODUCTION 

The assessment of the strength and displacement capacity of structural elements is a key 
step in the seismic performance assessment of structures. Among the structural elements used for 
earthquake resistant structures, the shear walls are commonly used in regions of medium and high 
seismicity for medium and high-rise structures. The ultimate displacement capacity of structural 
elements is a key part in the assessment of the seismic performance which is, at its turn, a key part 
of the seismic risk assessment.  

Eurocode 8-3 proposes two different models for the evaluation of the ultimate rotation 
capacity of beams, columns, and shear walls. However, the two relations proposed in Eurocode 8-3 
require data obtained from sectional analysis which requires a significant amount of computation 
time [1]. The strength, deformation, and failure modes of RC shear walls under cyclic loading are 
also analysed in the paper of Grammatikou et al. in which updated models similar to the ones in 
Eurocode 8-3 are also proposed [2]. The cyclic shear and displacement capacity of squat or slender 
RC shear walls are analysed in a number of papers in the literature [3-14]. In the paper of Wallace, 
the observed seismic behaviour of shear walls structures during the Chile and New Zealand 
earthquakes is discussed. Based on the seismic performance of code-compliant thin RC shear walls, 
several changes were recommended by [15]. The seismic behaviour of a RC shear-wall building that 
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collapsed during the 2003 Bingöl earthquake was investigated by nonlinear static analysis and 
nonlinear dynamic analysis in the study of Çavdar et al. [16]. The study of Ugalde and Lopez-Garcia 
notes that only 2% of the residential building inventory consisting mainly of RC shear walls structures 
suffered significant damage as a result of the Maule 2010 earthquake [17]. The study of Pavel and 
Vacareanu discusses the seismic performance of RC shear walls structures during the Vrancea 
earthquake of March 1977 and analyses the seismic performance of a building similar with one that 
collapsed in 1977 [18]. Segura and Wallace [19] and Abdullah and Wallace [20] have also proposed 
relations for the computation of the drift capacity of reinforced concrete structural walls based on 
experimental data. Shegay et al. have developed a relation for the computation of the curvature 
ductility of structural walls [21]. Cando et al. have analysed the effect of the stiffness on the seismic 
performance of residential shear wall buildings designed according to current Chilean regulation [22]. 
The study of Arteta et al. [23] has shown that ductile behaviour of thin boundary elements of special 
structural walls under pure compression is not achievable by only complying with the detailing 
provisions given in ACI 318-08 [24]. The study of Marzok et al. analysed the results in terms of 
displacements and bending moment capacities for RC shear walls given by various commonly-used 
codes [25]. The displacement capacity of unreinforced masonry or confined masonry shear walls 
has been analysed by [26-29]. 

A critical aspect related to the cyclic seismic behaviour of rectangular RC shear walls is the 
occurrence of significant out-of-plane displacement and which can induce a significant reduction of 
the deformation capacity. This aspect is discussed in the studies of [30-33]. These studies show that 
the onset of buckling instability occurs earlier in the case of boundary elements of higher longitudinal 
reinforcement ratios. Moreover, it was observed that the maximum tensile strain corresponding to 
initiation of out-of-plane deformation and out-of-plane instability was lower in squat wall models when 
compared to the slender ones.  

Thus, in this paper, we analyse the ultimate drift ratio of slender RC shear walls using an 
experimental database, and besides, using analytical results from the study of Pavel [34]. As 
previously mentioned, the use of analytical results is due to the scarcity of experimental results of 
RC shear walls having thicknesses larger than 150 mm. The limited numbers of such tests are also 
confirmed by the test data collected by Abdullah [35]. In addition, a simple empirical model for 
evaluating the ultimate drift ratio of slender RC shear walls is also proposed in this study using both 
experimental and analytical results. The model is recommended to be used for rapid seismic 
assessments. 

EXPERIMENTAL DATABASE 

The first database used in this study is the experimental one developed by Zhou et al. which 
consists of 226 tests on rectangular RC shear walls [36]. The database contains test results for both 
squat (ratio between the wall height and its length Hw/lw < 2) and slender (Hw/lw ≥ 2) RC shear 
walls. It is true that the database compiled by Abdullah contains a much larger number of 
experimental results, however, the database is not public and the authors did not have access to the 
test results [35].  

The experimental results have the following characteristics: 

 concrete strength (fc): 12.3 – 63.4 MPa;

 section length (lw): 0.15 – 5.50 m;

 height of the wall (Hw): 0.42 – 3.96 m;

 thickness of the wall (tw): 20 – 160 mm;

 axial load ratio (ALR): 0 – 0.25;

 Hw/lw: 0.35 – 5.86;

 lw/tw: 5.31 – 57;

 web horizontal reinforcement ratio ρwh: 0 – 0.037;

 web vertical reinforcement ratio ρwv: 0 – 0.037;

 boundary element horizontal reinforcement ratio: ρbh: 0 – 0.021;
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 boundary element vertical reinforcement ratio: ρbv: 0.005 – 0.099.

The ultimate drift ratios obtained experimentally for squat and slender RC shear walls are
compared in Figure 1. The statistical indicators of the ultimate drift ratios for the two types of RC 
shear walls are reported in Table 1. It can be easily observed that the mean and median ultimate 
drift of squat RC shear walls is about half of that obtained for slender elements. The limited number 
of experimental results for RC slender shear walls can also be observed from Figure 1. 

Fig. 1 – Comparison of the ultimate drift ratios obtained experimentally for slender and squat RC 
shear walls 

Tab. 1: Statistical indicators of the experimental ultimate drift ratio for squat and slender RC shear 
walls 

Statistical indicator of the 
experimental ultimate drift ratio 

Squat RC shear walls Slender RC shear walls 

Mean value 0.009 0.019 

Median value 0.007 0.017 

Standard deviation 0.005 0.013 

Skewness 0.673 1.430 

Kurtosis -0.046 3.568 

5th percentile 0.001 0.004 

Subsequently, a correlation analysis between the experimental ultimate drift ratios for squat 
and slender RC shear walls and some of the characteristics of the database shown previously is 
performed. The results of the correlation analysis are shown in Table 2. The largest correlation 
coefficient is observed between the ultimate drift of slender RC shear walls and the thickness of the 
web. It can be observed from Figure 2 that, as the thickness of the web increases so does the 
ultimate drift. The limited number of experimental results for RC shear walls with thicknesses in 
excess of 100 mm is noteworthy.  
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Tab. 2: Correlation coefficient between the experimental ultimate drift ratio for squat and slender 
RC shear walls and the characteristics of the test characteristics 

Statistical indicator of the experimental 
ultimate drift ratio 

Squat RC shear walls Slender RC shear walls 

concrete strength (fc) -0.21 0.28 

section length (lw); 0.43 0.62 

height of the wall (Hw) 0.56 0.62 

thickness of the wall (tw) 0.60 0.71 

axial load ratio (ALR) 0.31 -0.11

hw/lw 0.04 0.15 

hw/tw -0.19 -0.13

web horizontal reinforcement ratio (ρwh) 0.09 0.30 

web vertical reinforcement ratio (ρwv) 0.10 -0.19

boundary element horizontal 
reinforcement ratio (ρbh) 

0.46 0.66 

boundary element vertical reinforcement 
ratio (ρbv) 

-0.11 0.15 

yield strength of the web horizontal 
reinforcement (fy,wh) 

0.56 0.14 

yield strength of the web vertical 
reinforcement (fy,wv) 

0.53 0.19 

yield strength of the boundary element 
horizontal reinforcement (fy,bh) 

0.39 0.40 

yield strength of the boundary element 
vertical reinforcement (fy,bv) 

0.28 0.44 

Fig. 2 – Variation of the ultimate drift ratio as a function of the thickness of the RC shear walls 

Figure 3 shows a comparison between the empirical and the normal CDF (cumulative 
distribution function) for the experimental ultimate drift ratio of slender RC shear walls. One can 
notice that the normal CDF provides a good fit of the experimental results. The adequacy of the fit is 
confirmed by statistical testing (Kolmogorov-Smirnov, Anderson-Darling and Chi-squared) 
performed on the sample. The null hypothesis is not rejected for any significance level α ranging 
between 0.01 and 0.20. The lognormality assumption is accepted for all significance when using the 
Kolmogorov-Smirnov and Anderson-Darling statistical tests and is rejected for three significance 
levels (out of five) when employing the Chi-squared statistical test. 
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Fig. 3 – Comparison of the empirical and normal CDF for the experimental ultimate drift ratio of 
slender RC shear walls 

 

 

Fig. 4 – Comparison between the CDFs for the experimental ultimate drift ratio of slender and 
squat RC shear walls 

 

 

Fig. 5 – Normality test check for the experimental ultimate drift ratio of slender RC shear walls 
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The CDFs in terms of the experimental ultimate drift ratio for the squat and slender RC shear 
walls are compared in Figure 4. One can notice the much larger ultimate drift ratios of slender RC 
shear walls. The normality assumption is further checked in Figure 5 using a normal probability plot. 
The distribution can be regarded as normal starting from an ultimate drift ratio of about 0.7%. 

ANALYTICAL DATABASE 

Due to the scarcity of available date for slender RC shear walls having thicknesses larger 
than 150 mm, as observed from the experimental database compiled by Abdullah, we decided to 
employ in this study a second database [35]. The second database used in this study is the analytical 
one developed by Pavel [34] which comprises 81 cyclic analyses of rectangular RC shear walls 
performed using the code VecTor4 [37].  The shear walls were designed according to the current 
seismic design regulations from Romania. All the shear walls analysed in this study are slender with 
the ratio Hw/lw ≥ 2. The analytical database of Pavel [34] has the following characteristics: 

 concrete strength (fc): 30 MPa, 40 MPa, 50 MPa;

 section length (lw): 3.60 m, 4.50 m, 5.40 m;

 height of the wall (hw): 12.5 m, 13.8 m, 18.8 m;

 thickness of the wall (tw): 0.25 m, 0.30 m, 0.35 m;

 axial load ratio (ALR): 0.02 – 0.08;

 Hw/lw: 3.07, 3.47, 3.48;

 lw/tw: 14.4, 15.0, 15.42;

 web horizontal reinforcement ratio ρwh: 0.006 – 0.010;

 web vertical reinforcement ratio ρwv: 0.004 – 0.007

 boundary element horizontal reinforcement ratio: ρbh: 0 – 0.0201;

 boundary element vertical reinforcement ratio: ρbv: 0.007 – 0.008.

The ultimate drift ratios obtained analytically in the study of Pavel [34] are illustrated in Figure
6. It is noticeable from Figure 5 that the analytical results have a much smaller spread as compared
to the experimental ones. The statistical indicators of the ultimate drift ratios for the analytical RC
slender shear walls are reported in Table 3. It can also be observed that only the mean and median
analytical ultimate drifts are close to the statistical indicators obtained from experimental results.

Fig. 6 – Ultimate drift ratios obtained analytically for slender RC shear walls [34] 
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Tab. 3: Statistical indicators of the analytical ultimate drift ratio for slender RC shear walls [34] 

Statistical indicator of the experimental ultimate drift ratio Slender RC shear walls 

Mean value 0.018 

Median value 0.017 

Standard deviation 0.004 

Skewness 0.754 

Kurtosis 0.741 

5th percentile 0.012 

The correlation analysis between the analytical ultimate drift ratios for slender RC shear walls 
and some of the characteristics of the database shown previously is performed. The results of the 
correlation analysis are shown in Table 4. The yield strength for both horizontal and vertical 
reinforcement in the web and in the boundary elements for all the shear walls analysed in the study 
of Pavel [34] is 550 MPa. Thus, these parameters are disregarded from the correlation analysis 
shown in table 4. It can be observed that the correlation coefficient between the analytic ultimate drift 
ratio and the first four parameters in Table 4 are negative, which is exactly the opposite to what can 
be observed from Table 2.  

Tab. 4: Correlation coefficient between the analytic ultimate drift ratio for squat and slender RC 
shear walls and the characteristics of the analytical models [34] 

Statistical indicator of the experimental ultimate drift ratio Slender RC shear walls 

concrete strength (fc) -0.09

section length (lw); -0.33

height of the wall (Hw) -0.22

thickness of the wall (tw) -0.33

axial load ratio (ALR) -0.45

hw/lw 0.27 

hw/tw -0.36

web horizontal reinforcement ratio 0.25 

web vertical reinforcement ratio -0.12

boundary element horizontal reinforcement ratio -0.31

boundary element vertical reinforcement ratio 0.04 

Figure 7 shows a comparison between the empirical and the normal CDF for the empirical 
ultimate drift ratio of slender RC shear walls. In this case, too, it can be observed that the normal 
CDF provides a good fit of the experimental results. The normality assumption of the analytic ultimate 
drift ratio is further checked in Figure 8 using a normal probability plot. The distribution can be 
regarded as normal starting from an ultimate drift ratio of about 1.2%. The adequacy of the fit is 
evaluated by statistical testing (Kolmogorov-Smirnov, Anderson-Darling, and Chi-squared) 
performed on the sample. The Kolmogorov-Smirnov and Anderson-Darling statistical tests confirm 
the hypotheses for all significance levels, while in the case of the Chi-squared statistical test, the 
hypothesis is rejected. As in the case of the normality assumption test, the lognormality assumption 
is accepted for all significance when using the Kolmogorov-Smirnov and Anderson-Darling statistical 
tests and is rejected for all significance levels when employing the Chi-squared statistical test.  
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Fig. 7 – Comparison of the empirical and normal CDF for the analytical ultimate drift ratio of 
slender RC shear walls 

Fig. 8 – Normality test check for the analytic ultimate drift ratio 

AN EMPIRICAL MODEL FOR THE ULTIMATE DRIFT RATIO 

Subsequently, an empirical model for the displacement capacity of RC slender shear walls is 
obtained by combining the experimental and analytical results. Unlike models given in Eurocode 8-
3 [1] or by Segura and Wallace [19] or Abdullah and Wallace [20], the model proposed in this study 
uses a much smaller number of input parameters and is readily available to any designer. In addition, 
the parameters of the proposed empirical model do not require any sectional analysis of the 
reinforced concrete structural wall, as necessary in the above-mentioned empirical models. 
Moreover, this model, unlike other models available in the literature also provides uncertainty in 
evaluating the median drift capacity. The empirical model obtained from the least-squares regression 
for the ultimate drift ratio (Y) has the following functional form:  

log 𝑌 = −1.537 − 1.719 ∙ 𝐴𝐿𝑅 − 0.026
𝐻𝑤

𝑙𝑤
− 0.023

𝑙𝑤

𝑡𝑤
+ 5.08 ∙ 𝜌𝑤ℎ + 35.14 ∙ 𝜌𝑏ℎ (1) 

The standard error of the estimate obtained from regression analysis is 0.136. The 
comparison between the observed and predicted values is illustrated in Figure 9. The mean ratio 
between the observed and the predicted values is 1.05, while the median value is 0.98, the standard 
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deviation is 0.38 and the correlation coefficient is 0.63.  The empirical model proposed in this study 
employs directly the ALR as a parameter, while the model proposed by Abdullah and Wallace [20] 
uses the ALR indirectly through the neutral axis depth parameter. Netrattana et al. [11] state that the 
ALR is the most influential parameter for the displacement capacity of RC shear walls.   

Fig. 9 – Comparison between experimental and empirical ultimate drift ratios of slender RC shear 
walls 

The histogram of residuals (the difference between the observed and the predicted values) 
is illustrated in Figure 10. In addition, the normal distribution computed for the mean and standard 
deviation of the residuals is superimposed on the histogram shown in Figure 9.  It is visible the fact 
that the distribution of the residuals follows a normal distribution.  

Fig. 10 – Histogram of residuals for the proposed empirical model and fitted normal distribution (red 
line) 

SENSITIVITY ANALYSIS 

Finally, in order to validate the empirical model obtained in this study, a sensitivity analysis is 
performed by varying the parameters of the proposed empirical model (ALR, Hw/lw, lw/tw, ρbh and ρwh). 
The results of the sensitivity analysis are illustrated in Figure 11.  
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Fig. 11 – Sensitivity analysis for the proposed empirical model 

It can be observed that among the parameters of the empirical model, the horizontal 
reinforcement in the boundary elements is the most important. It can also be observed that the 
ultimate drift ratios have a similar order of magnitude to the limits proposed by Ghobarah [38]. The 
current Romanian seismic design code P100-1/2013 [39] which follows the format of the Eurocode 
8 [1] proposes a drift limit of 0.025 associated with the Ultimate Limit State (ULS) for all types of 
structures and limits in the range 0.005 – 0.01 for the Serviceability Limit State (SLS). Based on the 
results obtained using the proposed empirical model, it might appear as necessary that the drift limits 
for both SLS and ULS in the case of slender RC shear walls should be adjusted.  

The first application of the proposed empirical model is performed for a case-study RC shear 
wall shown in Figure 12. The thickness of the web is in all cases 20 cm, while its height is 30.25 m. 
The case-study RC shear wall was designed according to four generations of seismic design 
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regulations in Romania and its main characteristics, as well as the median ultimate drift ratios, are 
summarized in Table 5.  

Fig. 12 – Case-study RC shear wall 

Tab. 5: Characteristics of the first case-study RC shear wall shown in Figure 12 

Seismic 
code level 

ALR Hw/lw lw/tw ρwh ρbh 
Median 
ultimate 

drift 

1 0.156 5.04 24 0.0015 0.0010 0.0035 

2 0.117 5.04 24 0.0025 0.0025 0.0047 

3 0.117 5.04 24 0.0030 0.0025 0.0047 

4 0.078 5.04 24 0.0050 0.0050 0.0069 

The probability that the median ultimate drift of the RC shear wall is in excess of 0.005 ranges 
from 0.54% for the first specimen to 99.2% for the last one which is designed according to the current 
seismic design regulations in Romania. Thus, based on this analysis, we can expect at least a double 
displacement capacity of modern RC shear walls in Romania as opposed to the ones designed 
during the ‘60s and ‘70s. The ultimate drifts were also evaluated using SeismoStruct [40] code and 
according to the relation proposed by Abdullah and Wallace [20] are reported in Table 6. The results 
in Table 6 show that the results obtained using the relation of Abdullah and Wallace [20] and using 
SeismoStruct [40] code are superior to the ones computed with the relation from this study. 
SeismoStruct [40] code provides the largest drift capacities, with the exception of the last RC shear 
wall. The ultimate drifts computed in SeismoStruct were obtained considering a tension strain limit 
of 0.05 as recommended in the study of Segura and Wallace [19].  It can be observed that the 
proposed empirical model provides values which are lower than the ones provided by the relation of 
Abdullah and Wallace [20] or by using SeismoStruct [40], which is an advantage considering the fact 
that the model is to be used for rapid seismic assessments.  

Tab. 6: Comparison of drift capacities for the analysed RC shear walls 

Seismic 
code level 

Median ultimate drift 
– (this study)

Median ultimate drift – 
Abdullah and Wallace [20] 

Median ultimate drift – 
SeismoStruct [40] 

1 0.0035 - 0.0049 

2 0.0047 0.0061 0.0073 

3 0.0047 0.0070 0.0076 

4 0.0069 0.0129 0.0093 

The second application is related to the probability of exceedance of the ultimate drift for a 
case-study RC shear wall structure consisting of four slender RC shear walls with the characteristics 
given in Table 7 [41]. The incremental dynamic analysis curve (IDA) is illustrated in Figure 13. The 
exceedance probability is computed considering a lognormally distributed ALR having the mean 
value = 0.13 and a coefficient of variation of 0.31. The results obtained using FORM (first-order 
reliability method) by Melchers [42] in terms of probabilities of exceedance of the ultimate drift 
capacity as a function of the spectral acceleration level (SA(T1)) are summarized in Figure 14. It can 
be observed that the median fragility corresponds to SA(T1) = 1.15 g, a value about 50% larger than 
the elastic design spectral acceleration (equal to 0.75 g) used for this structure. Thus, it can be 
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observed that the slender RC shear walls designed according to modern seismic regulations offer 
an adequate level of protection.  

Tab. 7: Characteristics of the second case-study RC shear wall 

Hw (cm) lw (cm) tw (cm) ρwh ρbh 

3500 300 35 0.005 0.006 

 

 

Fig. 13 – IDA curve for the second case-study RC shear wall structure [41]  

 

Fig. 14 – Probability of exceedance of the ultimate drift capacity for the second case-study RC 
shear wall structure [41] 

  

CONCLUSIONS 

In this study, we have evaluated the displacement capacity of RC shear walls using both 
experimental and analytical results. The main reason for using both analytical results is due to the 
scarcity of test data for slender RC shear walls having thicknesses larger than 150 mm. This situation 
is also confirmed by the recent test database compiled by Abdullah [35]. An empirical model for the 
assessment of the ultimate drift ratio is proposed in this study using input parameters readily 
available for each designer and which does not require the results of sectional analyses, unlike other 
models proposed in the literature. The proposed model allows a rapid assessment of the 
displacement capacity of slender RC shear walls as a function of the seismic design code and can 
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be used for rapid seismic assessments. The most important observation of the study can be 
summarized as follows: 

 few experimental results for slender RC shear walls having thicknesses larger than 150 mm
are available in the literature. Thus, the use of empirical models based purely on experimental
data, especially for slender RC shear walls is subjected to a significant degree of uncertainty;

 the mean and median ultimate drift of squat RC shear walls is about half of that obtained for
slender RC shear walls;

 the mean and median ultimate drift obtained experimentally and analytically for slender RC
shear walls are almost identical;

 both the normal and the lognormal CDF provide a good fit of both the experimental and
analytic ultimate drift ratios;

 opposite correlation coefficients have been observed between the same RC shear walls
characteristics and the ultimate drift ratios obtained experimentally and analytically;

 the mean ratio between the observed and the predicted values using the proposed empirical
model is 1.05, while the median value is 0.98, the standard deviation is 0.38 and the
correlation coefficient is 0.63;

 the proposed empirical model provides lower-bound seismic capacities when compared with
the results of the model proposed by Abdullah and Wallace [20] and with the results from
SeismoStruct [40];

 modern RC shear walls in Romania have at least a double displacement capacity as opposed
to the ones designed during the ‘60s and ‘70s. This is an important observation, especially
since there are more than 3000 high-rise RC shear wall structures designed and built-in that
period;

 based on the results obtained using the proposed empirical model, it might appear as
necessary to adjust the drift limits for both SLS and ULS given in the current Romanian
seismic design code P100-1/2013 in the case of slender RC shear walls;

 the median fragility in terms of spectral accelerations obtained for a case-study structure by
applying the empirical model proposed in this study is about 50% larger than the elastic
design spectral acceleration.

The proposed model, after further testing, can be incorporated in future versions of the
seismic assessment guidelines for RC structures for rapid evaluation purposes. By no means the 
proposed model aims at replacing detailed nonlinear analyses for predicting the force and 
displacement capacities of RC shear walls.  
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